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Creep behavior of cold-curing epoxy adhesives: analysis and predictive
approach

K. Benzarti', N. Houhou?, S. Chataigner3 and M. Quiertant®

Abstract

This study investigates the creep behavior of two commercially available cold-curing epoxy adhesives,
intended for the bonding of external composite reinforcements on concrete structures. In a preliminary
stage, the characteristics of the mineral fillers (nature, content and size) contained in the two systems
were determined, and the viscoelastic properties of the unfilled epoxy matrices extracted from these
systems were analyzed. Short-term tensile creep experiments were then carried-out on cured samples
of the two adhesives and their unfilled matrices, in order to evaluate the influence of the fillers and the
polymer network characteristics on the instantaneous and delayed mechanical responses. Finally, two
predictive approaches based on either the Time-Temperature Superposition Principle (TTSP) or the
Time-Stress Superposition Principle (TSSP), were applied to evaluate the long-term creep behavior, and
their suitability in the case of cold-curing adhesives was discussed.

Introduction

Cold-curing epoxy adhesives are commonly used to install external fiber reinforced polymer (FRP)
composite systems for repairing or upgrading reinforced concrete (RC) infrastructures. These epoxies
are usually bi-components systems that contain a certain amount of mineral fillers and additives to set

the rheological and mechanical properties. Their formulation is also adjusted according to the type of
process intended for the installation of the FRP materials (wet lay-up, or bonding of pultruded FRP
plates, for instance). For this reason, their mechanical behavior, can significantly vary from an epoxy
system to another, which may affect the durability and performances of the bonded FRP reinforcement,
especially under environmental ageing or sustained loads (Houhou, 2012; 2014)

In this study, it is first proposed to investigate the parameters related to the adhesive formulation
(nature and content of the mineral fillers, characteristics of the polymer network) that govern the
viscoelastic properties in general, and the creep behavior in particular. In this line, physicochemical
characterizations are carried-out on two adhesive systems from the market, and on the unfilled epoxy
binders extracted from these adhesives as well. The viscoelastic and tensile creep behaviors of the bulk
adhesives cured at ambient temperature are then analyzed in the light of the previous results, in order
to point out influential parameters. A second part explores two predictive approaches intended for
evaluating the long-term creep behaviour, based on the Time-Temperature or Time-Stress
Superposition Principles. Their suitability is examined in the case of cold-curing adhesives, which exhibit
an incomplete crosslinking.

! Université Paris-Est, IFSTTAR, France, karim.benzarti@ifsttar.fr
% Chryso, France, noureddine.houhou@chryso.fr
* LUNAM Université, IFSTTAR, France, sylvain.chataigner@ifsttar.fr



Description of the selected epoxy adhesives

Two cold-curing and bi-component epoxy adhesives were selected among the various commercial
products available on the French market. Both systems are used for the installation of pultruded carbon
FRP (CFRP) plates on RC concrete structures. The names of the two products are not explicitly cited in
this paper, and the two systems are noted Adhesive 1 and Adhesive 2.

The main physical and mechanical characteristics of these products are gathered in Table 1. The two
systems contain a substantial amount of mineral fillers in their components, but the content and nature
of the fillers are not mentioned in the technical data sheets.

Table 1: Properties of the two epoxy adhesives under study, as provided by the manufacturers

Adhesive 1 Adhesive 2
Organic components Part A: diglycidylether Bisphenol A Part A: diglycidylether Bisphenol A
Part B : aliphatic amines hardener Part B : modified polyamines and
cyclo-aliphatic amines
Density at +23°C 1.65 + 0.1 kg/I (mix A+B) Part A:1.43 kg/l PartB:1.52kg/l
Pot life in mn 120 (+8°C), 90 (+20°C), 20 (+35°C) 120 (+10°C), 60 (+23°C), 30 (35°C)
Glass transition Temp. (Tg) 62°C (after 7 days at +45°C) 54 +2°C
(1SO 11357-2)
Tensile strength (1SO 527) 24-27 MPa (after 7 days at +15°C) 29.5+ 1 MPa
26-31 MPa (after 7 days at +35°C)
Tensile modulus (/SO 527) 11200 MPa (at +23°C) 4940 + 170 MPa

Preliminary characterizations of the adhesives

In a first step, basic characterizations were carried-out in order to:
- assess precisely the nature and content of the mineral fillers in the 2 epoxies under study,

- determine the viscoelastic properties of the cured adhesives, and that of the organic binders
(i.e, the epoxy matrices whose mineral fillers have been removed prior to cure). At this stage,
the objective is to evaluate the influence of the fillers on the viscoelastic properties of the two
commercial systems. In a further step, this will help us to understand possible differences in the
experimental creep behaviors of the two products.

Observations by optical and scanning electron microscopy (SEM) techniques, coupled with energy
dispersive X-ray (EDS) elemental analysis were first conducted to assess the size, the volume distribution
and the nature of the mineral fillers. Fig. 1 shows polished sections of the two cured adhesives. In
Adhesive 1 (Figure 1.a), there is a uniform distribution of large smooth particles in the polymer matrix
and the largest particle sizes are around 250um. The elemental analysis reveals that these fillers are
mainly composed of silica sand. As regards Adhesive 2, a large density of voids can be observed (air
bubbles in black on Figure 1.b), and filler particles appear to be much smaller (size < 50 um) and exhibit
an elongated angular shape. In this case, EDS analyses show that these fillers consist of a mix of calcium
carbonate, silica, alumina and titanium dioxide.




(a) (b)

Figure 1: Micrographic observations of polished sections for Adhesive 1 (a) and Adhesive 2 (b)

The filler contents in the two pasty components (part A and B) of each adhesive were also assessed, and
the global content in the mix as well (part A+ part B, according to the mix ratio recommended by the
manufacturer). A centrifugation in a solution of methyl ethyl ketone (MEK) followed by a filtration made
it possible to separate the organic binders from the fillers, hence to quantify their relative weight
contents. Corresponding results are reported in Table 2. It was found that the filler content of Adhesive
1 (mix A+B) is close to 80 wt.%, and much higher than that of Adhesive 2 which is around 60 wt. %. This
result is consistent with properties reported on the technical datasheet (Tab. 1), which indicate a higher
density and a much higher tensile modulus for Adhesive 1 compared to the other system.

Table 2: Relative weight contents of organic binders and fillers in the 2 epoxy adhesives

Organic binder Filler content
Components
(wt. %) (wt. %)
Adhesive 1 A 18.4+0,8 79.7+0,4
B 15.4 +0,8 85.2+0,9
Mix A+B (ratio 3/1) 17.7 81.1
Adhesive 2 A 48 £ 2 52+2
B 31+2 68+2
Mix A+B (ratio 1/1) 39 60

Following the centrifugation stage, the organic binders that were extracted from components A and B of
the two systems, were recombined into a mix (binder A + binder B), which was used to mold
parallelepiped samples (25mm x 4mm x 1 mm ) of unfilled epoxy matrices. It is to note that the mix ratio
(binder A/binder B) was recalculated, so that the stoichiometry is respected for the two systems, and
the resulting samples were cured at ambient temperature for at least 1 month before further
characterization. Similar specimens were produced with the filled (as received) adhesives, to serve as
control samples.

Finally, the viscoelastic properties were determined by Dynamical Mechanical Analyses (DMA) for the
cured samples of filled adhesives and unfilled extracted matrices. Tests were carried-out under
traction/compression mode with an imposed dynamic displacement of amplitude 10 um, at a frequency
of 1 Hz. The test specimen was simultaneously subjected to a ramp of temperature between 20 and
140°C at a heating rate of 2°C/min. This made it possible to record the evolution of the storage modulus
(E’) and the loss factor (tand) over the temperature interval. Results are plotted in Figure 2.
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Figure 2: DMA experiments at 1 Hz: Evolutions of the storage Modulus E’ (a) and the loss factor tanf (b) versus
temperature, for Adhesive 1 and Adhesive 2 and their unfilled extracted matrices

As regards the filled adhesives, a large drop of the storage modulus is observed through the glass
transition (Figure 2.a.) for both systems. However, the moduli of Adhesive 1 in the vitreous and rubbery
domains remain much higher than that of Adhesive 2, due the higher filler content. On Figure 2.b., the
temperature at the maximum of the tand peak, called Ta and closely connected to Tg, is found to be
higher for Adhesive 2 compared to Adhesive 1 (deviation of 12°C). This feature is contradictory with the
values of Tg mentioned in the technical datasheet; which may be due to the unrepresentative cure
conditions chosen by the manufacturer of Adhesive 1 (7 days at 45°C, as reported in Table 1).

In the case of the unfilled extracted matrices, a drop of E’ is also observed through the glass transition
region; however, differently from the filled epoxies, the unfilled matrices extracted from Adhesive 1 and
Adhesive 2 exhibit very similar values of the vitreous and rubbery storage moduli. This confirms the
major role played by fillers on the mechanical elastic properties of commercial adhesives. As regards the
loss factor peak, the matrix extracted from Adhesive 1 exhibits a lower value of Ta and a higher peak
amplitude, as compared to the matrix extracted from Adhesive 2. This feature suggests a lower crosslink
density, hence a higher molecular mobility of the epoxy network in Adhesive 1.

Finally, DMA characterizations have shown that the elastic characteristics (storage moduli in the
vitreous and rubbery domains) of the two commercial adhesives are mainly dependent on the filler
content, whereas the dispersive characteristics (Taw and amplitude of the loss factor peak) are rather
related to the structure of the epoxy network (nature of the reactive components, crosslink-density).

Analysis of the short-term creep behavior

Short-term tensile creep experiments (25°C, applied stress of 5 MPa) were carried-out on samples of the
two commercial adhesives and their unfilled extracted matrices. Creep curves are displayed in Figure 3.

The two extracted matrices exhibit a similar level of elastic strain (instantaneous strain) following the
initial loading stage, which is consistent with their similar storage moduli in the vitreous state.
Nevertheless, matrix extracted from Adhesive 1 presents a higher creep rate (slope of the asymptote),
which can be explained by a higher molecular mobility of the epoxy network, as shown previously by
DMA analyses.
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Figure 3: Short-term creep tests for Adhesive 1 (a) and Adhesive 2 (b) and their unfilled matrices, at 25°C for an
applied stress of 5 MPa. Fitted curves of Burger’s model are also displayed.

Filled adhesives show globally lower levels of deformation than their extracted matrices, due to the
presence of mineral fillers. When comparing the 2 filled systems together, large differences are
observed in terms of initial elastic strain (it is much lower for Adhesive 1 which has the highest filler
content and vitreous elastic modulus) and in terms of creep rate (which appears higher for Adhesive 2).
This latter result contradicts the trend observed for the extracted matrices, as the matrix of Adhesive 1
exhibits the highest creep rate. It is thus suggested that the creep rate of filled adhesives in the vitreous
state is not only dependent on the molecular mobility of the polymer matrix, but also on other factors
such as interactions between filler particles. It is likely that friction phenomena between sand particles
hamper the creep process in Adhesive 1, due to the high filler content and the large size of the sand
particles.

Finally, the well-known rheological Burger’s model (Figure 4) was used to simulate the creep behaviors
of both the filled adhesives and the extracted matrices. Parameters of the model were identified by
fitting the experimental data, according to the method described in (Houhou et al, 2012; 2014). Values
of these parameters are not reported in this paper, but it is obvious from Figure 3 that a fair agreement
was obtained between experimental and modelled curves.
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Figure 4 : Schematic description of Burger’s rheological model

Predictive approaches

This last part aims at comparing two predictive methods for evaluating the long-term creep response of
cold curing adhesives, based on the Time Temperature Superposition Principle (TTSP) and the Time
Stress Superposition Principle (TSSP). Both approaches are applied to the case of Adhesive 1.



The TTSP method consists in conducting short-term creep experiments at various temperatures and
build a creep compliance master curve by shifting the experimental compliance curves horizontally
along the log-time scale axis, so that they fit the curve at a chosen reference temperature. Figures 5.a
and 5.b display respectively the experimental compliance curves recorded at several temperatures
between 25 and 57°C (for an applied stress level of 5 MPa), and the compliance mater-curve at the
reference temperature of 25°C for Adhesive 1. From this master curve, it is then easy to determine the
long-term evolution of the creep strain for the material under study, and to fit this curve with the
Burger’s model (Figure 5.c.).

In the case of adhesive systems that exhibit a highly non-linear creep behavior, Houhou et al. (2014)
have demonstrated that the previous TTSP procedure can be reproduced for various levels of applied
stress, and one can finally identify a non-linear Burger’s model. However, a drawback of the TTSP
method is that the polymer adhesive is heated during the multiple isothermal tests, and this may affect
its microstructure and provide unrepresentative results. This is especially true for cold-curing epoxies,
which present usually an incomplete crosslinking after curing at ambient temperature.
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Figure 5: Creep compliance vs. time curves obtained from short-term creep tests under isothermal conditions
for a stress of 5 MPa (a). Master curve for the reference temperature of 25 °C (b). Comparison of creep strain vs
time curves obtained from TTSP approach and Burger’s model (c)

An alternative predictive method based on the Time-Stress Superposition Principle (TSSP) might be
more adapted for cold curing adhesive systems, as it doesn’t require to heat the samples. It involves
short term creep experiments at various loading levels, and the master-curve is again constructed by
shifting the experimental compliance curves along the log-time scale axis. Figure 6. shows an example of
application for Adhesive 1. Successive creep/recovery cycles (15 min creep/15 min recovery) were
carried-out at several levels of applied stress in the range 3 - 25 MPa. Unfortunately, for the highest
stress levels (above 20 MPa, which is lower than the expected tensile strength), a rapid failure of the
samples was observed, due to the brittleness of Adhesive 1. For this reason, a master curve was built by



shifting only the available creep compliance curves, providing a prediction of the creep behavior limited
to 5 decades (10° s). Nevertheless, several authors have reported successful predictions up to 10" s
(one year) for other polymer materials (Jazouli et al, 2007), using this TSSP approach which remains of
high interest.
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Figure 6: Creep compliance vs. time curves obtained from short-term creep tests at various load levels and at a
temperature of 25°C (a). Master curve for a reference stress level of 5 MPa (b).

Conclusion

The present study has investigated the creep behavior of two selected cold curing epoxy adhesives,
which are commercially available and commonly used in construction for the bonding of CFRP plates.

Preliminary physicochemical characterizations revealed significant differences in the composition and
properties of the two systems, in terms of nature, content and size of the mineral fillers. Viscoelastic
analyses performed on the unfilled matrices extracted from these two systems and cured at room
temperature also demonstrated differences in terms of crosslink density of the epoxy networks.

Short-term tensile creep tests were then carried-out on cured samples of the two adhesives and their
unfilled extracted matrices, showing that the level of the instantaneous elastic strain associated to the
loading stage strongly depends on the filler content of the adhesive, while the creep rate depends upon
both the molecular mobility of the epoxy network and the possible interactions between filler particles.

Finally, two predictive approaches were applied to evaluate the long-term creep behavior, based either
on the Time-Temperature or the Time-Stress Superposition Principles. The first method appears to be
very efficient but may provide unrepresentative results, as it requires heating the samples, which can
alter their microstructure. The second method doesn’t involve heating, but requires creep tests at high
stress levels, which may be difficult, hence limiting the predictions to a few decades.
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Mechanical properties of resins: tensile strength and E-modulus since early ages

A. Benedettil, José Sena-Cruz?, José Granja®, Pedro Fernandes®, Miguel Azenha®

Introduction

In Fibre-Reinforced Polymer (FRP) installations, the mechanical behaviour of the strengthening system is
strongly influenced by the epoxy adhesive, particularly at early ages, while the mechanical properties of
the adhesive are still enduring significant evolution (Borchert and Zilch, 2008). Various experimental
research works have shown that the evolution of the tensile properties of epoxy resins is dependent on
environmental curing conditions, especially temperature (Moussa et al., 2012). Therefore, it is clear that
studying how the mechanical properties increase along time is of utmost importance. The present
contribution summarizes the work described in the references (Fernandes et al., 2014; Granja et al.,
2014); it aims to assess the early-age evolution of the mechanical properties of epoxy adhesives used in
FRP strengthening applications, and better understand the relationship between distinct approaches for
their assessment. The study involved adapting an existing technique devised for continuous monitoring
of concrete stiffness since casting, called EMM-ARM (Elasticity Modulus Monitoring through Ambient
Response Method) for evaluation of epoxy stiffness. Furthermore, monotonic tensile tests according to
ISO standards (MTT) and cyclic tensile tests (CTT) were carried out at several ages on the same adhesive
mixture. All experimental procedures (mixing and testing) took place under controlled environmental
conditions (in climatic chamber), with temperature of 20+12C and relative humidity of 55+5%. A
comparison between the obtained results was performed in order to assist clarifications about the
applicability of several approaches/techniques in predicting the stiffness of epoxy resins.

Evaluation of E-modulus and tensile strength with tensile tests at several ages

An extensive set of thirty tensile tests were performed in order to determine the epoxy E-modulus and
the ultimate tensile strength at several ages. The specimens for testing were manufactured according to
“type 1A” defined in EN ISO 527-2:2012. The experimental program comprised the testing ages of 12,
18, 36 and 84 hours. For each age of testing, three monotonic tests and three cyclic tests were carried
out using a universal testing machine (AG-X Shimadzu) with 50 kN capacity load cell and test force
measurement precision of 1/1000 +0.5%. The monotonic tensile tests were conducted under
displacement control, at a rate of 1 mm/min, according to EN ISO 527-1:2012. In regard to the load
configuration of cyclic tests, each CTT experiment was composed of six load/unload cycles between
10 N and the force corresponding to 1/3 of the average tensile strength of the specimen at the age of
testing. Figure 1 presents the stress-strain curves obtained at various ages by monotonic and cyclic
tensile tests. From this figure, it is possible to observe the increase on stiffness and strength along the
curing process of epoxy adhesive. In addition, Figure 1(b) clearly shows the viscoelastic effect that
occurred during the consecutive loading/unloading cycles, especially at the early ages of testing. The
Young’s modulus of epoxy adhesive was obtained by various methods. Concerning the monotonic
tensile tests, two methods were contemplated: (i) the first tensile modulus, Eyrrsts, Was calculated as
the slope of the secant line between 0.05% and 0.25% strain on the stress-strain plot, according to 1SO
527-1:2012; (ii) the second, Emtrinsiop, represents the slope of the linear trend line of the experimental
values gathered until 1/3 of the ultimate strength, according to the American Standard ASTM D638M-
93. The schematic representation of these two methods are shown in Figure 2.
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Figure 1 — Stress-strain curves obtained from (a) monotonic tensile tests and (b) cyclic tensile tests
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Figure 2 — Example of different methods of E-modulus calculation.

Concerning the cyclic tests, the first cycle of loading was neglected and the slope of the trend line
calculated for each following loading and unloading stage was taken into account for determining E-
modulus values. During the entire tensile cycling process, the slope of the elastic loading and unloading
did not decrease, i.e. the calculated E-modulus values were very similar for all the cycles. Therefore, it is
feasible to average all these slopes within each test to obtain a representative E-modulus of the cyclic
test (Ecrr). The evolution of the average elasticity moduli evaluated according to the cyclic tensile test
methodology (CTT) is shown in Figure 3, together with the previous two methodologies. It is interesting
to observe that the coherence between CTT tests results (Ecrr) and those obtained through the trend
line method on the MTT tests (Emrrinsiop) is quite satisfactory, particularly for the ages 18 and 84 hours.
However, for all the tested ages, the method for calculation of E-modulus provided by I1SO 527:1:2012
led to lower values of the elasticity modulus for the tested epoxy resin, due to the fact that, in the
considered strain interval (0.05-0.25%), the adhesive had a non-linear behaviour. Since the non-linear
mechanical behaviour of epoxy adhesive is further marked at very early ages, it is clear that ISO method
leads to even higher deviations (as compared to the other methods described here) for determining the
epoxy resin E-modulus at the early stage of curing process. Therefore, a linear regression procedure
applied on the initial part of the stress-strain curve corresponding to the values gathered until 1/3 of the
ultimate strength is considered recommendable. In fact, at the indicated lower stress range, the stress-
strain relationship can be considered linear. Figure 3, also shows the evolution of the ultimate tensile
strength of the epoxy resins along the curing period. From this figure, it is possible to observe that, at 36
hours, the final strength was already reached (21 MPa), with no further significant increase in the
following hours.
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Figure 3 — Evolution of E-moduli and ultimate strength of epoxy obtained by tensile tests.

Evaluation of E-modulus and tensile strength with tensile tests at several ages

The EMM-ARM is a variant of the traditional resonant frequency methods, based on the identification of
the first flexural resonant frequency of a composite beam formed by a self-supporting mould filled with
the material under testing. The natural frequency of the composite beam at each instant of testing can
be analytically related to the E-modulus of the tested material, which allows determining the evolution
of this elastic property since very early ages. In the original implementation of EMM-ARM for evaluating
the stiffness evolution of concrete, the tested material was put inside an acrylic cylinder which was
placed in simply supported condition (Azenha et al., 2010). Thereafter the methodology was adapted to
study cement pastes by means of a smaller composite cantilever beam (Azenha et al., 2012). The EMM-
ARM experimental setup adopted for testing epoxy resin is reproduced in Figure 4. The specimen
consists in a cantilever beam where the accelerations are monitored at its free end. The measured
accelerations are converted to the frequency domain by applying Fast Fourier Transforms (FFT),
allowing the determination of the resonant frequency of the system. Based on the dynamic equation of
free vibration together with full information about the geometry and mass of the system, and
knowledge of the stiffness properties of the acrylic tubes, the E-modulus of the epoxy adhesive could be
determined along time.
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Figure 4 — Experimental setup of EMM-ARM tests: (a) exploded view [units: mm]; (b) photo

The resulting E-modulus evolution for the two tested specimens (EMM1 and EMM2) is shown in Figure
5. Firstly, it is possible to verify the good agreement between the results of the two specimens, with
absolute stiffness differences always remaining under 2.5%, revealing the good repeatability of the
experimental setup and procedure. During the first 6.4 hours the epoxy stiffness was nearly null for
both specimens, which is consistent with the fluid-like behaviour of the adhesive at the early stages of
the cure. Then a drastic increase in the stiffness occurred, reaching an average value of [P.4 GPa at the



age of 36 hours, instant after which the E-modulus evolution reached a plateau during the following 140
hours. In summary, EMM-ARM technique revealed its capability in clearly identifying the hardening
kinetics of epoxy adhesives, measuring the material setting time and the stiffness growth since very
early ages. This method allows measurements since the tested material still has ‘fluid-like’ behaviour,
overcoming the main drawback of the traditional resonance methods.
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Figure 5 — E-modulus evolution obtained by EMM-ARM, MT and CT tests.

Comparison between EMM-ARM and tensile tests

Figure 5 also shows the comparison between the elastic modulus results obtained by EMM-ARM and by
tensile test methods (monotonic and cyclic). At the age of 84 hours, there is a good agreement between
the values obtained through the EMM-ARM (EMM1 and EMM?2), those collected in cyclic tests (Ecrr) and
those calculated from the initial slope of monotonic stress-strain curves (Emrrinsiop). However, the results
show relevant differences at the earlier ages of 12, 18 and 36 hours. At such ages, all the E-modulus
values obtained from tensile tests are significantly lower than the ones acquired from EMM-ARM,
particularly at 12 and 18 hours. This deviation may be explained by the fact that epoxy adhesive showed
a visco-elastic behaviour. Therefore, the high visco-elasticity that epoxy exhibited at very early ages
have influenced the measurement of elastic modulus through tensile tests, leading to lower values.
EMM-ARM probably provided the actual stiffness evolution of the epoxy adhesive since the earliest
ages after mixing. As the importance of creep strains decreased over curing time, the Young’s modulus
obtained by quasi-static tests got closer to the actual E-modulus.
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Physical and mechanical properties during aging of a cold-curing structural
epoxy adhesive for bridge construction

Maria Savvilotidou!, Anastasios P. Vassilopoulos?, Mariaenrica Frigione?,
Thomas Keller?

Introduction

Structural adhesives used in bridge construction are in most cases applied on the construction site and
are thus mainly cold-curing systems based on thermosetting epoxy resins. Cold-curing adhesive joints, if
properly designed and executed, are normally not exposed to humidity, high temperature and UV
radiation. The main aging mechanisms that still occur in such dry environments, at low or moderate
outdoor temperatures (well below Tg), are physical aging and continuation of curing. In this respect
however, most of the works published on physical aging concern hot-cured epoxy resins, i.e. cured at
elevated temperatures (often above 100°C) by artificial heating and works about cold- or outdoor-curing
are rare [Moussa, 2012; Frigione, 2001].

Physical aging of epoxy adhesives occurs in the glassy state, i.e. after vitrification and at aging
temperatures (T.) lower than T, and is driven by a thermodynamic disequilibrium in this state
[Montserrat, 1991]. During aging, i.e. approaching the thermodynamic equilibrium, an increase in mass
density (densification), and thus a decrease in specific volume (volumetric relaxation) (v), and a
decrease in molecular configurational energy are observed [Frigione, 2001; Montserrat, 1991;
Moosburger-Will, 2014; Odegard, 2011; Struik, 1977]. Physical aging effects may be erased however, i.e.
the adhesive is de-aged, if heating occurs at temperatures above Tg, i.e. in the rubbery state, and
subsequently cooled down into the glassy state, where physical aging begins [Frigione, 2001; Odegard,
2011; Struik, 1977].To quantify physical aging, the specific enthalpy (h) is an appropriate physical metric
[Odegard, 2011], which decreases with physical aging time. This results in an increase of the
endothermic peak (AH.«) [Frigione, 2001; Montserrat, 1991; Cook, 1999] which appears in the specific
heat capacity vs temperature curves obtained by Differential Scanning Calorimetry (DSC), and an
increase in Tg.

Concerning the mechanical properties, since physical aging decreases the specific volume, the E-
modulus increases accordingly [Frigione, 2001; Moosburger-Will, 2014], while the tensile strength
normally decreases as a result of the embrittlement and potential microcracking [Kong, 1986]. The
continuation of curing, i.e. increasing of the curing degree, in contrast to physical aging, decreases the
mass density (and thus increases the specific volume) but increases the cross-link density, defined as the
number of chemical cross-links per unit volume. In accordance with the increase of the specific volume
the E-modulus decreases during curing [Moosburger-Will, 2014; Gupta, 1985; Wang, 1992]. The glass
transition temperature and strength, however, increase with increasing cross-link density, i.e. curing
degree [Moussa, 2012].

In this work, the physical and mechanical behaviors of cold-curing epoxy adhesive specimens are
investigated during an aging period of up to 12 months in a dry environment. Post-cured epoxy
specimens, i.e. heated for short times at temperatures not much higher than their Ty, are used as
reference in order to derive the different behaviors at cold curing, compared to hot-cured conditions
concerning which the knowledge is much broader. The physical and mechanical property changes are
discussed on the basis of the sequence or concurrence of the above-described aging mechanismes, i.e.
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physical aging and continuation of curing. The current work is a continuity of a previous study [Moussa,
2012; Moussa, 2013], where cold-curing structural epoxies were physically and mechanically
investigated during the first ten days of isothermal curing at low temperatures (5-20°C). Post-curing
treatments had also served as reference.

Experimental program

Materials and conditioning

The epoxy adhesive used in this study was Sikadur-330, supplied by SIKA Schweiz AG. The primary
commercial use of this cold-curing adhesive or resin is manual application to surfaces in order to bond
FRP strips and impregnate FRP fabrics employed to strengthen existing concrete or steel structures.
Sikadur-330 is a thixotropic bi-component adhesive comprising a bisphenol-A-based epoxy base resin
and a hardener consisting of aliphatic amines. Its viscosity is approximately 6000 mPa-s (at 23 °C),
according to the product data sheet. A small quantity, less than 20% per weight, of silica-based fillers
has been identified by burn-off tests and optical microscopy observations [Moussa, 2013]. The adhesive
was produced with a 4:1 resin-to-hardener mixing ratio, suggested by the manufacturer. After the
mixture, it was poured into aluminum molds or applied using a spatula onto a Teflon work surface to
form thin sheets. The glass transition temperature of specimens cured for two weeks under laboratory
conditions was 43.7°C (based on DSC) [Moussa, 2013].

Both cold-curing and post-cured specimens were manufactured according to the different conditioning
processes shown in Table 1. Specimens C13 and C21, directly after pouring, were conditioned at a low
13°C and moderate 21°C temperature. The post-cured P21 reference specimens, after curing for five or
seven days at 21°C, were post-cured for three days at 60°C and then allowed to cool in the air and age
at 21°C. A total of 172 specimens were subjected to the above conditions, 112 for the mechanical and
60 for the physical characterization, for a period of up to 350 days. For all specimens, the aging time
zero (to= 0) corresponds to their fabrication day.

Table 1: Designation, characterization and conditioning of epoxy specimens

Condition s
Specimen Characterization Aging time
ta (days)
C13 Mechanical 13+0.5 338
Cc21 Physical (DSC) 21+3 327
Mechanical 21+3 350
P21 21+3 5
Physical (DSC) 60+ 05 3
21+3 331
213 7
Mechanical 60+ 05 10
21+3 316

Methods of characterization and specimen types

Physical characterization was performed using Differential Scanning Calorimeter analyses (DSC), while
for the mechanical characterization standard tensile experiments were carried out, both at irregular
frequencies, following the development of the properties. An overview of the experimental program is
shown in Table 1.



DSC was selected to derive the thermo-physical characteristics, such as the glass transition temperature
(Typsc), enthalpy relaxation (AH,.), residual heat (AHes), and curing degree () (calculated as the ratio
between AH,.s and the total residual heat (AHes 0t ~ 315 J/g) measured for the uncured/fresh resin) for
both cold-curing (C21) and post-cured epoxy conditions (P21). The experiments were performed using a
Netzsch 204 F1 Phoenix thermoanalyzer. The samples, weighing between 10-20 mg, were cut from
appropriately conditioned epoxy sheets of 1-mm thickness. Each DSC experiment was composed of two
subsequent scans from -25°C to 250°C at a heating rate of 10 °C/min under a nitrogen atmosphere, and
an intermediate cooling at 20°C/min. Properties from two DSC experiments on two different samples of
each condition and time have been obtained.

Quasi-static tensile experiments were performed under laboratory conditions (i.e. at T = 21 + 3°C and
RH = 38 + 10%) according to ASTM D638, using an MTS Landmark servo-hydraulic loading machine,
calibrated at a maximum load capacity of 5 kN. The dog-bone-shaped specimens used for the
mechanical experiments were fabricated in aluminum molds with geometry according to ASTM D638, as
shown in Fig. 1. The specimens were clamped by flat-faced pneumatic metal grips and loaded under
displacement control at a rate of 3.5 mm/min. For determining the E-modulus, the longitudinal strain
was measured by using an MTS clip-on extensometer, with a gage length of 25 + 0.05 mm and a
minimum accuracy of + 0.5% of the calculated strain, as shown in Fig. 1. Nominal strengths, derived
after dividing the maximum load by the initial cross section of each specimen, were used. Furthermore,
the tensile E-modulus was calculated as the slope of the stress vs strain curve in the initial linear part,
between 0.05% and 0.15% strain. Four specimens were considered for the mechanical characterization
at each condition and time.

Figure 1: Tensile experiments, specimen dimensions and experimental set-up according to ASTM D638

Discussion of experimental results

Physical characterization

A high curing degree (a) of approximately 94% was achieved by all C21 and P21 samples at five days of
curing. At nine days, after post-curing, the P21 samples appeared fully cured (a = 1). After 327 days,
the C21 samples also achieved an almost complete curing of 99% -100%.

After five days, the Tgpsc of the two conditions ranged around 40°C. The values for the cold-curing
specimens C21 then slowly developed, while a jump to values above 70°C occurred after post-curing in
the P21 specimens (at nine days). After almost one year, the C21 specimens reached values of around
60°C.

The variations of the relaxation enthalpy (4H./) over time of the C21 and P21 samples are shown in Fig.
2. The values of the cold-curing C21 increased up to a maximum after around 17 days and then started
decreasing. At five days, the post-cured P21 started at the same values as those of the C21, but the
former then decreased by 50% after post-curing (at nine days). Subsequently, similarly to C21 but on a
lower level, a peak appeared at around 17 days, followed by a decrease and then a slight increase again
after 121 days.
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Fig. 2: Development of relaxation enthalpy with aging time.

Mechanical characterization

The tensile modulus, strength and failure strain of all specimens C13, C21 and P21 are shown in Figs. 3
to 5 respectively; average values and standard deviations are indicated. The peak in the E-modulus
curves shown in Fig. 3 for all specimens almost coincided with the peak in the AH,. responses shown in
Fig. 2 for the C21 and P21 conditions. This confirmed the dependence of the epoxy stiffness on the
specific volume, the former varied according to the latter due to physical aging and continuation of
cure. In the earlier age, physical aging was the predominant mechanism that led to the E-modulus
increase, while after the peak, continuation of curing became predominant, decreasing the E-modulus.
The new E-modulus increase after the minimum at 180 days could be an indication of the reactivation of
physical aging. A similar increasing trend could be seen in the last measurements of the relaxation
enthalpy of the P21 condition in Fig. 2.

In contrast to the E-modulus development, the similar strength and failure strain of the cold-curing
specimens C13 and C21 were significantly different from those of the P21 post-cured specimens, see
Figs. 4 and 5 respectively. This could be attributed to their primary dependency on the cross-link
density and not the mass density (on which the E-modulus mainly depended). Up to 180 days, the
strength and failure strain, for both cold-curing conditions C13 and C21, followed a behavior inversely
proportional to the E-modulus (compare Figs. 3, 4 and 5), i.e. the modulus peaks coincided with
strength and failure strain valleys, evidencing the embrittlement induced by physical aging. Between
180 and 260 days, the values deviated from the inversely proportional behavior, i.e. strength and failure
strain continued increasing and approached the P21 values, confirming that they were driven by the
increasing cross-link density due to the continuation of curing, and not by the newly increasing mass
density due to physical aging. Up to 200 days, the strength and failure strain of the P21 were almost
constant (on average) and high, as a result of their high level of cross-linking directly after post curing.
After 200 days, a new increase of the E-modulus of the P21 (see Fig .3), possibly due to a new physical
aging cycle, may explain the slight strength and strain decrease of the already fully cross-linked material.
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Conclusions

The effect of physical aging and continuation of curing on the physical and mechanical properties of a
cold-curing structural epoxy adhesive in a dry environment was investigated during the first year. The
following conclusions have been drawn:

e The physical and mechanical properties are driven by predominant physical aging in the earlier
age and predominant curing in the later age during the first year.

e The E-modulus mainly depends on the mass density and reaches a maximum in the earlier age
due to physical aging. At the later age curing becomes predominant and the decreasing mass
density decreases the E-modulus. After the first week, the E-modulus development becomes
independent of the curing conditions, i.e. cold or hot/post-cured.

e Tensile strength and failure strain change mainly with the cross-link density and their
development is thus dependent on the curing treatment, i.e. cold or hot/post cured. With
regard to the cold-curing conditions, the strength and failure strain development is delayed in
the earlier age due to physical aging.

e Eventually, all curing conditions (cold, or hot/post-cured) result in similar tensile properties, i.e.
maximum strength and failure strain and a reduced E-modulus after a maximum, after less than
nine months of aging.

In view of the long service life of bridges, up to 100 years, it can however not be excluded that, sooner
or later, an initially sealed joints may start leaking and the adhesive may thus be exposed to moisture or
even stagnant water. Investigations are thus ongoing, related to the development of the adhesive’s
properties in wet environments.
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CFRP ground anchors with strap ends

Haifeng Fan?, Anastasios P. Vassilopoulos?, Thomas Keller?

Introduction

Fiber reinforced polymer (FRP) tendons are increasingly used to replace conventional steel tendons in
ground anchors, taking advantage of their high strength-to-weight ratio and good corrosion resistance.
The applications of AFRP and CFRP tendons, especially in permanent prestressed cases, have been
reported since 1990 (Tokyo Rope Co. Ltd 2016). Conceptually similar to steel strands, FRP strands were
also developed by twisting a certain number of small-diameter wires. A high load-bearing capacity could
be achieved by forming a FRP cable assembled from several strands, for example in the Carbon Fiber
Composite (CFCC) system commercialized by Tokyo Rope in Japan (Benmokrane et al. 1997, Tokyo Rope
Co. Ltd 2016). FRP Cables with a similar concept, assembled from rods with nominal diameters of 4.0 mm
(Wang et al. 2015) or 12.6 mm (Zhang et al. 2014), were also developed and studied.

To anchor the tendon on the air and ground sides, mechanical or bonded anchors are commonly used
(Schmidt et al. 2012). However, two problems exist in these types of CFRP anchors, which could lead to a
premature failure in the anchor and thus not allow to exploit the full tendon capacity: 1) high shear and
through-thickness stress concentrations existing at the anchorage are critical due to the anisotropic
properties of CFRP fibers; 2) uneven load distributions among the assembled strands or rods occur, i.e.
some of them were obviously less loaded compared to others (Wang et al. 2015).

CFRP confinements ‘
(¥ 100mm)

>

CFRP strap

Figure 1: Permanent prestressed CFRP ground anchor with multi-strap end

A simpler and much more material-tailored anchorage method, based on strap ends, was thus developed
(Winistoerfer 1999). In this project, a new application of this strap anchorage method for permanent
prestressed CFRP ground anchors was proposed, which consists of a CFRP tendon with a multi-strap end
on the ground side, embedded in a prefabricated high-strength grout cylinder confined with CFRP rings,
as shown Figure 1. The main purpose of the rings is to deviate the spreading forces at the embedded strap
ends into the cylinder’s axial direction and not to increase the grout strength. The grout cylinder is thus
stepwise axially loaded by the axial components of the spreading forces. The ground anchor with the
prefabricated anchor body can be 20-80 m long and coiled, then transported to the construction site,
inserted into the borehole, anchored by injecting fresh standard (normal-strength) grout and finally
prestressed to 60% of the design load.

1 Ecole Polytechnique Fédérale de Lausanne, Switzerland, haifeng.fan@epfl.ch
2 Ecole Polytechnique Fédérale de Lausanne, Switzerland, anastasios.vasilopoulos@epfl.ch
3 Ecole Polytechnique Fédérale de Lausanne, Switzerland, thomas.keller@epfl.ch




In a first stage, a CFRP ground anchor with a single-strap end on the ground side was developed. The
anchor capacity was determined in pull-out experiments. The influence of different confinement levels
and CFRP ring arrangements on the load-bearing behavior of the anchor was investigated. In a second
development stage, a two-strap end was conceived on the ground side to increase the load-bearing
capacity to a load of more than 1000 kN, which normally needs a rock media to be anchored. Anchor
specimens were pulled out from mortar cylinders confined by steel tubes of different thicknesses, which
simulated different confinement levels of the rock mass.

Experimental Program

CFRP ground anchor specimens

Both the single-strap and two-strap CFRP tendons were composed of unidirectional UTS50 F24 24k
1600tex D carbon fibers impregnated with XB 3515 epoxy resin; the fiber volume fraction was 60 + 2%. In
the single-strap anchors, four anchor specimens with different configurations of the grouted part on the
ground side, simulating applications in both rock and soil, were investigated, as shown in Figure 2. In
experiment S605, a 7- mm-thick and 605-mm-long steel tube with an inner diameter of 100 mm was used
to simulate the stiffness and confining pressure of a surrounding rock mass, as shown in Figure 2 (a). For
applications in soil, a 2-mm-thick CFRP confinement ring with an inner diameter of 100 mm was installed
around the grout-embedded strap end to deviate the spreading forces, as shown in Figure 2 (b) and (c).
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Figure 2: Configuration of CFRP anchors with single-strap end (dimensions in [mm])

In the two-strap anchors, the end of the CFRP tendon was embedded in a 1060-mm-long high-strength
grout body with inclined and corrugated surface on the ground side. Three 150-mm-long and 2-mm-thick
identical CFRP confinement rings, consisting of the same materials as the tendon, were installed around
the two strap ends and the division point. The prefabricated anchor body was inserted into a 1200-mm-
long steel tube, simulating a rock mass as shown in Figure 3. Pull-out experiments were conducted on
three anchor specimens with two different tube thicknesses to study the influence of the rock stiffness
on the load-bearing capacity of the anchor.

(a) ¢ 1200 +

Centralizer Steel tube

Figure 3: CFRP two-strap anchor specimen: (a) schematic (dimensions in [mm]); (b) photo
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Experimental setup and instrumentation

In the single-strap anchors, a self-balanced experimental set-up was designed for the pull-out
experiments, as shown in Figure 4 (a). The load was transferred from two identical hollow-plunger
hydraulic cylinders of 576-kN capacity to the upper strap end through a steel frame, while the vertical
movement of the anchor body was blocked by steel plates under the cylinders. Five load cycles up to 25,
50, 100, 150 and 200 kN respectively were applied to anchors C380-1/2 before the failure cycle. Only the
first three were applied in S605 and the first two in C200 due to the lower expected capacity. The
instrumentation layout is shown in Figure 4 (b). Three types of instruments were used: Linear Variable
Differential Transformer (LVDT) transducers, strain gages and video extensometers.

(SB05) (C380-1/2) (C200)

(5605) (C380-1/2) (C200)
(LVDTs @ \Video extensometer - Stamn gages on steel and
targets CFRP (tangential direction)

1 Strain gages on steel and Str
CFRP {longiudinal direction) It

Figure 4: Experimental set-up and instrumentation layout of single-strap anchors(dimensions in [mm])

In two-strap anchors, the pull-out experiments were conducted on a Trebel 10MN machine, as shown in

Figure 5. The anchor was suspended at the air side through a steel pin to the top fixed beam of the
machine.
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Figure 5: Experimental set-up of two-strap anchors (dimensions in [mm])

The pulling load was applied to the top surface of the anchor body through a loading frame consisting of
a bearing plate, two cross beams, two transverse reinforcements and 18 thread bars; the bars were fixed
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to the cross beams on one side and to the bottom movable beam of the machine on the other side. The
loading was applied to the bottom movable beam in displacement-control mode at a rate of 1 mm/min.
After four load cycles up to 100, 300, 500 and 700 kN respectively, the anchor was loaded up to failure.
The instrumentation layout is shown in Figure 6. Three types of instruments were used: Linear Variable
Differential Transformer (LVDT) transducers, strain gages and Digital Image Correlation (DIC).
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Figure 6: Instrumentation layout of two-strap anchors

Results and Discussions

Single-strap CFRP anchors

All anchors exhibited similar load pull-out displacement responses in the failure cycle, as shown in Figure
7; the load cycles of anchor C380-1 are shown in the window of Figure 7. A linear response was mainly
observed, except the minor nonlinear behaviors at the beginning in all the specimens and at the end close
to the ultimate load in the partially confined anchors. No stiffness degradation was observed between
the cycles, but slight residual displacements were seen after unloading to 5 kN, resulting from the friction
at the CFRP/grout interface. Anchor S605 exhibited strap rupture, while compression failure (C380-1/2)
and splitting failure (C200) of the unconfined grout occurred in the partially confined cases. In anchors
C380-1/2, a double-cone grout failure mode was observed in the unconfined part, which resembled the
one in the uniaxial compression experiments on cylinder specimens.
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Figure 7: Load vs pull-out displacement responses of single-strap anchors (failure cycle)

The embedded straps remained undamaged. In contrast, anchor C200, where the strap was only partially
confined, exhibited a 46.0 and 51.6% lower ultimate load compared to C380-1 and C380-2 respectively.
It could be concluded that the length and position of the CFRP ring had a significant influence on the load-
bearing capacity of the partially confined anchors. The load-bearing capacity of these anchors mainly



depended on the uniaxial compressive strength of the unconfined grout outside the strap region, if the
CFRP confinement ring was installed at an optimized position to balance the spreading forces from the
strap.

Two-strap CFRP anchors

All specimens exhibited similar load vs pull-out displacement responses in the failure cycle up to a first
peak, as shown in Figure 8. An almost linear response was observed, except a slight nonlinear behavior
at the beginning; the latter was attributed to a progressive debonding at the CFRP/grout interface, which
also caused a small residual displacement after the four initial load cycles up to 700 kN, as shown in Figure
8 for anchor ST5. The stiffness in the linear range, Kexp, assumed as being the slope of the linear segment
between 500 and 1200 kN, was similar, as shown in Table 1; anchor ST5 exhibited only 6.3% lower stiffness
than the ST10-1/2, which could be attributed to a slightly larger deformation due to the weaker
confinement.
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Figure 8: Load vs pull-out displacement responses of two-strap anchors

The three anchors reached similar loads at the first peak, indicating that the confinement level had low
influence on the load-bearing capacity of the anchor. At this first peak, delamination was observed in the
visible air-side straps in anchors ST10-1/2, while no damage was recognizable in ST5. After the first peak,
the load dropped and increased again to a second peakin all specimens where partial or complete rupture
of the air-side strap occurred in anchors ST10-2 and ST5 respectively, see Figure 9.

After failure, the specimens were cut into two halves in the strap plane, see Figure 9. All anchors exhibited
rupture in the embedded CFRP tendons; no compression failure in the grout parts was observed, except
small cracks located in the normal-strength grout at the end of the CFRP rings, see Figure 9 (a). In anchor
ST10-1, the large and small straps were completely separated from the rod at the division point on one
side, while partial rupture or delamination occurred in the semicircles of the small or large straps, see
Figure 9 (b). In anchor ST10-2, complete rupture was visible at the division point of the large strap and in
the semicircle of the small strap. Furthermore, partial rupture or delamination occurred in the semicircle
of the large strap and the division point of the small strap, see Figure 9 (c). In anchor ST5, complete
rupture occurred in the semicircle of the large strap and partial rupture in one straight part of the large
and at the end of the small strap; no damage was visible at the division point.

Conclusions and Points for Discussions

Pull-out experiments were performed on four CFRP ground anchors with single-strap ends and three CFRP
ground anchors with two-strap ends. The results showed that:

e For single-strap anchors: in rock applications, the anchor can be applied directly without
additional confinement, while in the case of soil, an additional CFRP confinement ring is needed
to prevent premature grout failure in the strap region.



e Fortwo-strap anchors: 1) the targeted 1000-kN anchor capacity was reached. 2) failure occurred
in the CFRP tendons at different positions on the embedded air- and ground- sides which proved
an almost uniform use of the capacities of the different strap components. 3) the conceptual
elements to prevent grout failure, i.e. selection of high-strength grout in the anchor body, CFRP
confinement rings to balance and deviate spreading forces and the complex conical anchor body
shape tointroduce the forces into the normal grout proved to be effective and well-tailored, grout
failure did not occur.
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Figure 9: Failure modes of two-strap anchors: (a) cut view of anchor ST10-1; details in (b) ST10-1, (c)
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Numerical examples for calculation of laminated composite plates with
delamination

Marina Rakoc&evié¢?, Svetislav Popovié?

Introduction

Inter-laminar cracking of laminated composite plates can occur due to a defect in the production,
transport, storage or during exploitation load. Instability in the production process, imperfections of
various nature and thermal or chemical components of the laminate components, may also be the
cause of the initial delaminations.

Depending on the position of the structural element, there are two basic types of delaminations. The
first type represents a delamination located deep inside the section, corresponding to the cracks that
are usually studied in the classical fracture mechanics. The second type, delaminations placed near the
surface of the structural element, are a specific type of defect because their behaviour is almost always
associated with a buckling of the surface layers. The study of this form of delamination requires, in
addition to other factors, to take into account the stability of the lamina from the standpoint of the
theory of elastic stability, which is of a particular importance for the elements in pressure. Not only the
full delamination, but also a phenomenon of multiple cracks without separation of layers, characterizes
the laminate composite materials, and significantly affect the overall bearing capacity and safety of the
structure.

This paper presents a model for calculating the realistic stress-strain state of a simply supported
laminated composite plates with delamination by using a layerwise theory. Internal delamination which
is stable under exploitation transverse load, with the assumption of no further growth or propagation, is
considered. It will be shown that it is possible to obtain stresses and displacements in the cross-section
of the plate with delamination. Presented model is based on the mathematical model of Reddy's
layerwise theory for laminated composite plates. Stresses and displacements are calculated by using the
double trigonometric series with discretization through the thickness of the plate.

Theoretical background

We consider the simply supported laminated composite plate with the thickness h and dimensions axb
which consists N orthotropic layers, Figure 1. Each layer has the orientation of layer in the direction of x
or y axis. Through the thickness of the plate, cross-section contains one internal delamination whose
position is known in advance.

Figure 1: Composite plate

The displacement field is assumed in a following form:

u(x,y,z)=u(x,y)+U(x,y,z)

v(X,y,2)=Vv(x,y)+V(x,y,z) (1)
W(X,y,z)=W(X,y)

lUniversity of Montenegro, Faculty of Civil Engineering, Montenegro, marinara@ac.me
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where u(x,y), v(X,y) and w(x,y) are the displacements of the points in the middle plane of the plate, and
U(x,y,z) and V(x,y,z) are additional displacements which are assumed to be a sum of multiplication of
unknown nodal displacements u’(x,y) and V)(x,y) (J=1,..,n, n-total number of the nodes through the
thickness of the plate), and the one-dimensional linear interpolation functions l(z) along the
independent layers:

U(x,y,2)= 30’ (x,y)’(2) |
JH:I (2
V(xy.2)= 2v' () (2)

For the cross-section without delamination, the total number of nodes is one greater than the number
of the layers N, n=N+1, Fig. 2(a). For the cross-section with my4 delaminations, the number of nodes
increases because the position of the crack introduces two nodes, thus allowing a different
displacement of the point in which a delamination is defined. The total number of nodes in which it is
necessary to calculate displacements and stresses is defined with an expression:

ng=N+my+1 (3)

Number of nodes through the thickness of the for the cross-section with one delamination is ny =N+2,
Fig.2(b). Figure 2(c) shows the linear interpolation function which is adopted for five-layer plate with
delamination between the second and the third layer.
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Figure 2: Discretization through the thickness of the plate

When the relations (1) and (2) are substituted into the known relations of the displacements and
deformations, and after that into the known relations between the strains and the stresses, it is possible
to finally obtain relations between the stresses and displacements of layer j:
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where (jij are the transformed stiffnesses of j-th orthotropic layer which depend on material

characteristics of the layer and the orientation angle of the fibers in the layer.

Cross-section forces are calculated with the following expressions:



ou
X ou’
N [As A A 0 O] ¥ BBy By 0 0|
Ny A, Ap, Ag 0 0 6uay8v N sz BZJZ BZJG 0 0 oy 4)
N (=] Ae As Ag 00 0 Iodoie 3B By Be 0 0 Mgy oy
Qx 0 0 0 Ay Ag ow 0 0 0 B B oy ' ox
Q] o o 0o A Al A 0 0 0 By By v
5 "
0
x vt
NY| [B) B, By 0 0 N Di Dy D 0 0 6?/)('
NJ| By By By 0 o ¥ 1 ID; Di Dy 0 0 oy
Ni(=|Bi Bh Bh 0 0 oleTheDE D DI 0 0 iy ©
Qo o o B By | ow 0 0 0 Dy Dill5 T
Q| o o o BL BL| & 0 0 0 Dy Dy u'
5 '

The occurrence of delamination at the connection between the two layers results in a significant change
in the calculation process of stiffnesses of laminated plate, Aj, Bj and Dj. Stiffnesses of laminated
composite plate depend on the geometric and material characteristics of the plate, as well as on the
adopted interpolation function through the thickness:

Iy

Z j Q¥dz (i, j=1,2,6,4,5)
_1 Z
Zy41 N Zks
=Y [ae G2 B=Y [avie Gi-4s) ©)
k=1 7, k=1 Zy
D' = j‘ QWy'y dz (i,j=12,6) D' = I QMy Ly, dz  (i,j=45)
L 3, k=l 7,

The static equilibrium equations are derived from the general principle of virtual displacements. In the
case when the angles of layers’ orientation are parallel to the x and y-axes, zero values for the stifnesses
A16=A26=A45=B15'=B2s’'=B45'=D15"=Ds"=D 45" are obtained. In this case, the system of equations is
determined by:

Ay U+ A Vo A (U, +, )+ (B UL BLV 2 4B (U +v ) =0
J=1
Al + AV, + A (U, 40, )+ B[BRU . +B2V 2 +BL (U2 4v 2 )|=0
J=1
A55W’xx+A44W1yy +JZ:[BSJSU 1>J< +BAJ4V :; ]+q = 0 (7)

B,y +BLV., B (U, V. ) SW,X+Z[DJ'U,XX+DJ'V'+DJ'(U' W, )-piu'l=0

X

B,y +BAV,, B U,y V. )- B44w,y+z[D“u +DAV, 4DV ! )-DAv!]=0

Xy Yy TyX

System of equations (7) consists of (3+2n4) equations for the section with delamination, or 3+2(N+2)
equations, with the same number of unknown componental displacements.

Analytical solution

Displacement (1) and (2) are sought in the form of double trigonometric series, wherein the boundary
conditions for a simply supported plate are met:



ny

i mzax .
u=> X,,cos——sin
mn a b

nzy

= max .
U’ = YR, cos——sin
mn a b

© . max
v=23Y,,sin——cos
mn a

J_ vl o
V©=35;,sin
m,n

nzy

mzaxX n
- Cos_ﬂy
a

b

® . omax .
w=>W,_ sin——-sin

nzy

mn a b

(8)

When the relations (8) are substituted in equation (7), the system of 3+2(N+2) equations with unknown
coefficients Xmn, Ymn, Wmn, Rmn and Smn is obtained. The system of equations is presented in an

abbreviated form (9) :

X 0
1Al Y 0
[K] {K j ﬂ mn
i i Wmn = an
|:[K : ]T K’ RnJm 0
s? 0

(9)

After the determination of the unknown coefficients (9), by applying (1) and (2), the displacements of
the arbitrary point with the coordinates (x, y, z) are obtained, and thus the corresponding stresses (3).

Numerical examples

The simply supported four-layer square laminated composite plate axa, with the thickness h=0.1a and
loaded by uniformly distributed load of intensity g, is considered. Material characteristics of the layers
are: E1/E;=25, E;=1, G1,=G13=0.5, G»3=0.2, v12=v13=0.25. The anti-symmetric arrangement of layers
0°/90°/0°/90° is adopted. Delamination is located between the second and the third layer.
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Figure 3: Displacements U( A,A,z)and stresses &,,( A,A,z), h=0.1a
a/h=10, g=const. a/h=10, g=const.
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Figure 4: Displacements U( B,B,z ) and stresses Exy( B,B,z), h=0.1a
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Figure 5: Displacements U (A, B, z) and stresses Oy (A,B,2), h=0.1a



The stresses and displacements are presented in dimensionless form, where s=a/h:

— 1

Oxx =

— 1
_GXZ , Gyz = —

sq
in nodes with the coordinates A=1.105662 (a/2) and B=1.894338 (a/2). Figures 3 to 6 show the
displacement in the direction of x-axis and the normal and the transverse shear stresses through the
thickness of the plate for a/h=10 and g=const.
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Figure 6: Displacements U( B, A,z ) and stresses 5,,(B,A,z), h=0.1a

Conclusions and Points for Discussions

Delamination between the layers can be included in the calculation by considering the problem at the
level of layer. This paper presents the semi analytical method for the definition of the stress-strain state
of laminated composite plate subjected to bending, by comprising inner delamination between two
layers, wherein the anisotropy of the plate is included. Differential equations, obtained by applying
Reddy’s layerwise theory were solved analytically, whereby the discretization through the thickness of
the plate is conducted by use of the 1D element.

For the characteristic points of the four-layer simply supported square laminated plate h=0,1 with anti-
symmetric arrangement of orthogonal layers, and with delamination between the second and third
layer, the results of calculated stresses and displacements are graphically displayed through the
thickness of the plate.

It can be concluded that the maximum values of the stresses and displacement can be significantly
changed by taking into account delamination. The plate thickness and the number of layers are
influenced to the size of sliding at the node with delamination.
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Serviceability limit states

Antonio Bilotta !, Emidio Nigro ?

The term Fiber Reinforced Polymers (FRP) indicates a wide range of composite materials, consisting of a
polymeric organic matrix, which is impregnated with continuous fiber reinforcement. The technology can
be used to produce bars with high mechanical properties.

In the fields of civil engineering, the use of FRP bars to reinforce the concrete was demonstrated
particularly advantageous for the construction of civil or industrial buildings as well as bridge decks
(Rizkalla and Nanni, 2003) mainly because FRP can ensure adequate durability of the structures.
Moreover, a further specific property of fiber-reinforced composites, such as magnetic transparency, can
be particularly useful when magnetic disturbance is required to be avoided: for instance in the
construction of hospital rooms where advanced diagnostic equipment for Magnetic Resonance Imaging
(MRI) is used (fib bulletin no. 40, 2007). Other possible applications, which appear as very promising and
attractive, are related to provisional structures and tunnel coatings (M. Schiirch and P. Jost, 2006). In
particular, for tunneling projects the main purpose of a ground containment wall in concrete (namely soft
eye walls) is allowing both the entrance and removal of the Tunnel Boring Machine (TBM). By using
concrete reinforced with GFRP bars in the soft-eye region, the cutting operations are simplified due to
the low transversal resistance of GFRP materials compared to steel.

It is clear that the use of these materials to replace steel, significantly increases the initial cost of the
structure, but this increase may be acceptable if the total cost is considered (i.e. by incorporating
maintenance costs) in a lifetime-oriented design. However, the use of FRP should be considered when
tradition reinforcement is shown inadequate.

Despite FRP are a relatively new class of materials, thanks to several research studies over the last thirty
years, they were quickly accepted as a valid structural materials for a variety of applications in civil
engineering. In fact, high mechanical properties of FRP can ensure very high flexural strength to the
concrete member, even if the elastic-fragile constitutive law is more suitable for statically determined
structures in which bending redistribution is not required (Bakis et al., 2002). In addition, the vulnerability
of FRP to high temperatures, typical of fire events, was shown to be mitigated when using to reinforce
concrete members (Bisby et al., 2005).

For these reasons in the last decade several codes have been developed and also revised for the design
of FRP reinforced concrete (RC) structures (CNR DT-203/2006, 2006; ACI 440.1 R-06 2006, CAN/CSA-S6-
02, 2002) by extending with suitable modifications design criteria adopted for steel reinforced concrete
structures.

However, the use of FRP bars shows a critical aspect for the serviceability checks due to different bond
and mechanical properties of FRP bars with respect to steel bars. As concern the bond properties the
bond mechanisms depends on the surface treatment very diversified among the industrial products.
Similarly, the mechanical properties strongly depend on fiber type (Glass, Carbon, and Basalt) and
percentage used for FRP bar manufacturing; in particular, the Young modulus of Glass and Basalt, less
expensive than Carbon, is significantly lower than steel bars one. Taking this in mind, it is clear that design
of FRP-RC members can be more governed by serviceability limit state (SLS) than ultimate limit state (ULS)
(Pecce et al., 2000).
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In this regard, both research studies and the above codes provide check procedures obtained by design
formulations for steel RC members refined, for FRP RC members, on experimental results of flexural test.
Often suggestions provided by international codes for the assessment of the limit deflection do not lead
to the same result (fib bulletin no. 40, 2007). Hence, a validation of theoretical predictions on further
experimental results seemed suitable (Pecce et al 2001; Fico et al., 2008).

Nigro et al 2012, showed and discussed the results of flexural tests carried out in a four-point bending
scheme on concrete slabs reinforced with GFRP bars in order to provide additional experimental data.
Deflection prediction provided by Italian, American and Canadian codes for design of FRP reinforced
concrete structures were in a good agreement with the experimental results at the serviceability limit
state, and some times more conservative than prediction provided by more sophisticated procedure, such
as integration of curvature along the member. However, a more depth investigation on the prediction
provided by relationships suggested in Italian code pointed out that deflection predicting relationships
should be better calibrated, being design of FRP- RC members more governed by serviceability limit state
(SLS) than ultimate one (ULS).

Experimental results were also simulated by a FEM model analysis. Numerical analyses were performed
by relying the FEM model used by Ellobody & Bailey (2008) to study the behavior of unbonded post-
tensioned one-way concrete slabs and the uniaxial tension stress-strain law suggested by Belarbi & Hsu
(1994), suitably modified to properly modeling the effect of tension stiffening in FRP reinforced concrete
members.

Barris et al (2013) presents the results of an experimental programme on the cracking and deflections of
14 Glass-FRP RC beams. The adequacy of the most representative prediction models for the serviceability
limit states of cracking and deflections of FRP RC beams was investigated. The influence of the most
relevant parameters was analysed, and the suitability of different prediction models, as well as the
adjustment of empirical coefficients, was analysed and discussed.

Gribniak et al (2013) showed test results of eight beams reinforced with glass fiber reinforced polymer
(GFRP) or steel bars, combined with steel fibers. Experimental curvatures were checked against the
predictions by design codes and recommendations to study capability of different code techniques to
predict deformations of beams with varying reinforcement characteristics. It was shown that distribution
of reinforcement had a significant influence on the prediction accuracy. In a more elaborate analysis, the
tension-stiffening effect was investigated using an inverse technique earlier developed by the authors.
Stress—strain tension-stiffening relationships were obtained for each of the beams using the test
moment—curvature diagrams. Unlike the common practice, the analysis took into account the shrinkage
effect which was different for steel and GFRP reinforced elements. To verify adequacy of the obtained
results of constitutive modeling, the derived tension- stiffening relationships were implemented into
finite element simulation as material laws for tensile concrete. It was shown that the above inverse
approach offers an alternative and versatile tool for constitutive modeling.
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Cracking behaviour of GFRP RC flexural elements: an experimental study

.1 2
C. Barris’, L. Torres

Introduction

Due to the mechanical properties of FRP, basically their lower modulus of elasticity and different bond
behaviour, FRP reinforced concrete (RC) flexural members usually undergo large crack widths. Although
crack width of FRP RC members can be relaxed because of the non-corrosive properties of FRP bars, it
does need to be controlled to ensure other important serviceability aspects, such as appearance or
being watertight.

Different theories to calculate crack width for steel RC elements state that it is mainly affected by the
tensile strain of the rebar, the bond behaviour between the concrete and the rebar, the concrete cover
and the distance between bars. Some of these theories have been adapted to FRP RC elements by
introducing a bond coefficient, which should be provided, but at present very few studies show
particular values according to their experimental data.

On the other hand, crack width has been traditionally measured in experiments with optical magnifiers
or microscopes, although such techniques have shown to be subjected to a lack of homogeneity. Other
methods, such as the placement of transducers once the crack has appeared, provide greater accuracy
in the results, but imply that the test has to be stopped, and only the data at the position where the
transducer is placed are registered. Deriving the crack width from the elongation of the layer where the
reinforcement lies is another means of capturing the mean crack width, but with this technique the test
needs also to be stopped and few data are recorded. Digital Image Correlation (DIC) is an optical and
contactless measurement technique based on the acquisition and treatment of pictures of a previously
defined field of interest to obtain full-field displacements and deformations during the test.

This contribution summarises the work presented in Barris et al. (2016), giving the results of the effect
of different parameters affecting the cracking patterns of flexural elements reinforced with different
types of Glass-FRP (GFRP) and steel bars, in order to assess the influence of these parameters on the
cracking behaviour.

Experimental programme

The experimental programme aimed at evaluating the influence of the type of reinforcement, the
reinforcement ratio, the concrete cover and the stirrup distance on the crack spacing and crack width of
flexural RC elements. For this reason, 15 beam specimens internally reinforced with different types of
GFRP or steel bars were tested under a four-point bending configuration (Figure 1).

450 P2 1700 PR 7 Steel stirrups

206 A @26 /80mm

[ A-A
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Q

D 80 s F?T 120

2600
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Figure 1: Geometric details of the tested beams (in mm).

The specimens were designated as Mat-Reinf-Cov-Sep (Table 1), where Mat denotes the material of the
reinforcement (G1 or G2, for FRP type G1 or G2, respectively), Reinf the number and diameter of the
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reinforcement (i.e. 212 for 2 bars of 12 mm of diameter), Cov the concrete clear cover, and Sep the
distance between the stirrups. In the case where FRP-G2 stirrups were provided this was indicated by
the letter G at the end of the specimen designation. The load was applied in a displacement control
mode at a displacement rate of 0.5 mm/min.

Table 1: Test specimens.

Stirrups in the

Reinforcement
flexural zone

. N. ( Type Sep
S Bart
pecimen bars ar type

G1-216-25-150 | 2f16 | FRP-G1 | 25 Steel 150 429
G1-216-25-250 | 2f16 | FRP-G1 | 25 Steel 250 429
G1-216-25-000 | 2f16 | FRP-G1 | 25 Steel 429
G1-212-25-150 | 2f12 | FRP-G1 | 25 Steel 150 597
G1-212-40-150 | 2f12 | FRP-G1 | 40 Steel 150 601
G1-212-55-150 | 2f12 | FRP-G1 | 55 Steel 150 605
G2-213-25-150 | 2f13 | FRP-G2 | 25 Steel 150 596
G2-213-25-000 | 2f13 | FRP-G2 | 25 Steel 596
G2-310-25-000 | 3f10 | FRP-G2 | 25 Steel 525
G2-213-25-150G | 2f13 | FRP-G2 | 25 FRP-G2 | 150 596
G2-213-25-250G | 2f13 | FRP-G2 | 25 FRP-G2 | 250 596
G2-216-25-150 | 2f16 | FRP-G2 | 25 Steel 150 468
G2-313-25-150 | 3f13 | FRP-G2 | 25 Steel 150 386
$-212-25-150 2f23 | Steel 25 Steel 150 577
$-212-25-000 2f12 | Steel 25 Steel 577

The concrete compressive strength ranged between 33.1 and 34.3 MPa and the modulus of elasticity
varied between 24.8 and 27.9 GPa. As previously mentioned, two different types of GFRP bars were
used as internal flexural reinforcement The modulus of elasticity of bars FRP-G1 ranged between 64.4
and 69.1 GPa, wilst for FRP-G2 bars ranged between 45.7 and 48.8 GPa.

FRP-G1

MJ..LA_]' ,/JJJ,MJ//
FRP-G2

Figure 2: Geometric details of the tested beams (in mm).

Crack width and spacing were consistently acquired by Digital Image Correlation (DIC) technique. The 2D
setup was chosen for acquiring the vertical and horizontal displacements of the front face of the beam



specimens. The test setup comprised 4 high-resolution digital cameras with a resolution of 2452x2056
pixels that recorded pictures at regular time intervals of 2 pictures/second during each test. The central
flexural zone was acquired and between 8 to 11 cracks were analysed per specimen.

Results on crack spacing

Maximum crack spacing was found to be 1.32 times the mean crack spacing and 2.14 times the
minimum crack spacing. These values are in accordance with those found previously in the literature
(Borosnydi and Balazs 2005).

The @/ pes ratio, which is generally attributed to influence on the transfer length and to internal cracks in
the vicinity of the crack, influences crack spacing: the bigger the ¢/p.g ratio, the larger the crack spacing.
This was observed for both maximum and mean values.

The effect of concrete cover on crack spacing in steel RC has been widely discussed in the literature.
The experimental crack patterns obtained in Barris et al. (2016) highlight the influence of cover on crack
spacing at the surface of the specimen. In general, it was observed that higher covers provided higher
values of crack spacing, although the dispersion of values also increased.

Bond behaviour between concrete and bar was assessed through adjusting the bond coefficients in
expressions of Eurocode 2 to the experimental results. Results show that FRP-G1 bar provides lower
values of the bond coefficient and FRP-G2 bar provides higher values, compared to that obtained for
steel reinforcement. This is attributed to the different types of coating of the FRP bars that give
different distribution of strains along the reinforcement.

Results on crack width

Crack width was obtained by the difference between the displacement values of two points, each one at
one side of the crack and at the same height. On average, the maximum crack width at the height of the
reinforcement is 1.36 times the mean value, and it is 0.87 times the maximum crack width at the
bottom of the beam. These values are in agreement with those previously found in Barris et al. (2013).

The effect of the reinforcement ratio, as expected is that higher reinforcement ratios provide lower
crack widths due to the higher stiffness of the section. Specimens having similar reinforcement ratios
provide close values of the crack width and with slightly higher values for larger bar diameter and bar
spacing. On the other hand, changing the cover implies modifying the stiffness of the section by
changing the effective depth. Barris et al. (2016) found that higher values of cover derived to higher
values of reinforcement strain for the same load and consequently higher values of crack width.

The influence of bond between concrete and reinforcement on crack width is one aspect that needs to
be further studied for FRP RC members. Barris et al. (2016) present an adjustment of the bond
coefficient k, to the experimental maximum crack width for the three types of reinforcing bars by using
different formulations presented in design codes and guidelines. The bond coefficient is calculated
following the least squares methodology at different load levels between the stabilised cracking load
and the service load, and is shown in Table 2. The results show that FRP-G1 bars provide bond
coefficient values lower than those for FRP-G2 and steel reinforcement. This difference is attributed to
the type of bar and surface configuration.



Table 2: Bond coefficient k, for the maximum crack width.

Standard Expression FRP-G1 | FRP-G2 Steel
f %
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Conclusions and Points for Discussions

The cracking behaviour of FRP RC elements is revised in Barris et al. (2016) trough an experimental
programme. In this case, DIC technique is used to assess crack spacing and crack width. The main
parameters that are studied are the type of reinforcing bar, the reinforcement ratio, the concrete cover,
and the influence of stirrups. The study concludes with the following outcomes:

* DIC technique is proven to be a powerful tool to consistently acquire the field of displacements
of a given field of view.

* Ingeneral terms, crack spacing increases with cover and ¢/ pes ratio.

* The experimental mean crack width value, calculated as the mean of 8-11 cracks created in the
central zone, increases with the decrease of np and the increase of the cover.

* Bond coefficients have been adjusted for different formulations regarding crack width and
spacing. The obtained coefficients show that FRP-G1 bars present lower values of bond
coefficients than FRP-G2 bars.

Points for discussion that need further research can be:

* The influence of concrete cover on crack width independently of the stiffness of the section.

* The bond coefficients presented in this communication are only calibrated for the data
presented in Barris et al. (2016). Further data is needed to better assess bond coefficients on
the present empirical equations .
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Deflections in FRP RC elements

.1 2
C. Barris’, L. Torres

Introduction

When FRP bars are used as internal reinforcement of concrete members, different structural behaviour
is expected due to their different mechanical and bond properties compared to those of steel rebars, in
particular, their relatively low modulus of elasticity and their linear stress-strain behaviour until failure.
The lower stiffness of FRP bars can yield to large strains being mobilized in the bars at low levels of
external loads and lead to large crack widths and deflections. As a result, the design of concrete
elements reinforced with FRP materials is often governed by the serviceability limit states (SLS),
especially in the case of GFRP.

In the last decades, a number of studies were carried out to investigate the flexural response of FRP
reinforced concrete (RC) beams. Most of them show a limited number of experimental results and
comparisons that often arrive at proposals for modifications of existing design procedures. In the case
of serviceability, and specifically for deflections of FRP RC elements, several authors propose
coefficients to modify Branson’s equation used in steel design codes, whereas other researchers suggest
a modified equivalent moment of inertia derived from the integration of curvatures along the beam.
These different approaches have been adopted in the various design guideline proposals for FRP RC.
This contribution aims at collecting different design equations regarding the calculation of deflections of
FRP RC flexural elements, and compares their predictions with the experimental results obtained in the
experimental programme of Barris and Torres (2011).

Existing approaches for the calculation of deflections for FRP RC flexural elements

In the literature, some theoretical approaches to estimate the deflection for a FRP RC flexural element
are based on Branson equation (Branson 1977), which is an empirical relationship that provides a
gradual transition of a transformed moment of inertia, from the uncracked to the fully cracked state.
Although Branson equation gives an adequate estimate for the deflection of steel RC elements, it clearly
underestimates the deflection of FRP RC elements (Faza and GangaRao 1992, Benmokrane et al. 1996,
Pecce et al. 2000, Razaqgpur et al. 2000, Toutanji and Saafi 2000, Yost et al. 2003, Mota et al. 2006, Saikia
et al. 2007, Rafi et al. 2008, Vogel and Svecova 2009, Barris et al. 2009, Al-Sunna et al. 2012). Bischoff
(2005) attributes this difference to the different relationship between the uncracted and the cracked
moment of inertia of a FRP RC member compared to that of usual steel RC elements. In Table 1, a
summary of the available prediction models to calculate deflections of FRP RC flexural members is
shown. They can be classified in those derived from Branson equation (Benmokrane et al. 1996,
Toutanji and Saafi 2000, Yost et al. 2003), and those where deflection is calculated as an interpolation
between a cracked and an uncracked state of a deformation parameter, curvature or deflection (Faza
and GangaRao 1992, CEN 2004, Bischoff 2005). Some of the existing design guidelines for FRP RC have
adopted these approaches in their methodology to calculate deflections (ISIS Canada 2007, ACI
Committee 440 2006).

Comparison with the experimental programme in Barris and Torres (2011)

An experimental programme on 26 GFRP RC beams was performed in Barris and Torres (2011), and it is
summarised below. The beams were designated with an adequate amount of longitudinal and shear
reinforcement to fail by crushing of the concrete in the central zone. Their dimensions and test setup is
shown in Figure 1.
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Table 1: Available formulations to calculate deflections of FRP RC flexural elements
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Notation:

lo: effective moment of inertia; /.,: cracked moment of inertia; I;: gross moment of inertia; M,,: cracking
moment; M,: applied moment; Mp,.x: maximum applied moment; £y, E;: modulus of elasticity of the
reinforcement (subscript s for steel, f for FRP); p: reinforcement ratio; pp: balanced reinforcement ratio; o:
deflection; J;: uncracked-state deflection; J;: cracked-state deflection; 5;: 1.0 for high-bond or 0.5 for plain
rebars; 3, B (EC2): 1.0 for short-term loading or 0.5 for sustained; P: applied load; L: beam length; L,: distance
of the uncracked beam; a: length of the shear span E.: concrete modulus of elasticity.
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Figure 1: Geometric and reinforcement details (dimensions in mm)

Three different amounts of longitudinal reinforcement, two different effective depth-to-total depth
ratios and two different concrete grades were used to obtain a wide range of cracked stiffness
response. Further information regarding the test setup and parameters is found in Barris and Torres
(2011).

In this section, the experimental load-midspan deflection is compared to the prediction models shown
in Table 1. The evolution of the deflection, both theoretical and experimental, is shown up to a load
level of 35% the ultimate load, which is considered in this work an upper bound value for the service
load. The experimental cracking load has been considered independently of the approach used for the
deflection calculation. Hence, the possible influence of the environmental factors has been inherently
incorporated.

Figure 2 shows the comparison between experimental and theoretical midspan deflection for those
models derived from Branson equation. As it was previously reported in the literature, those
expressions which propose a reduction on the gross and/or cracked moment of inertia generally
overestimate the deflection response. This result may be a consequence of the different values of the
reinforcement ratio considered in this study compared to the values at which those equations were
calibrated. On the contrary, Toutanji and Saafi (2000) approach, which suggests a modification on the
power factor m of Branson equation depending on the reinforcement ratio, results to fit correctly the
experimental data response.

Figure 3 shows the comparison between experimental and theoretical midspan deflection for those
models based on a rational interpolation of a deformational parameter. Results show that these
approaches compare relatively well with the experimental data in the range of the serviceability loads;
however, a trend to underestimate deflections when the load increases is observed. To evaluate the
deflection according to Eurocode 2 (2004) provisions, the interpolation of curvatures and an integration
of the curvature along the beam has been performed, with a S, coefficient equal to 1. Bischoff (2005)



equation, which was adopted by ACI 440.1R-15 uses a tension stiffening approach that allows deriving
an effective moment of inertia for the member. The deflection resultant from its application is
practically coincident with that obtained from integration of curvatures using Eurocode 2 approach. ISIS
Canada (2007) suggests a similar approach to Bischoff (2005); however, the equation includes a factor

y = 0.5 that shifts horizontally the deflection response just after the cracking load is attained. Finally,
models neglecting the tension stiffening effect such as CAN/CSA-S806 (2012) or Faza and GangaRao
(1992) are proven to overestimate the deflection response, especially at load levels close to the cracking

load.
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Comparison between experimental results and theoretical models

In this section, a measure of the relative fit between the experimental and the theoretical deflections is
presented through the ratio 8/ Jex,, evaluated at a moment ratio M/M,, of 1.5, 3 and 4.5. In Table 2, the
mean value and standard deviation of the ratio 6u/dex, are shown. As observed, the most scattered
results, with 0,= 0.17-1.03, are obtained for M,/M,, = 1.5.

At M,/M.. = 1.5, Benmokrane et al. (1996), CAN/CSA-S806 (2012), Faza and GangaRao (1992), ISIS
Canada (2007) and Yost et al. (2003) prediction models propose a theoretical deflection that is about
twice or more the experimentally obtained. On the contrary, Eurocode 2, which is a design code though
for steel RC, presents the best estimate to the experimental deflection, together with ACI 440.1R-06 and
ACI 440.1R-03. None of the studied approaches underestimates the experimental deflection.

At M,/M.. = 3.0, all of the approaches get closer to the experimental data. Evidence of that statement is
that all the mean values and standard deviations of the ratio d/Jex, are closer to 1.0 and 0.0
respectively. Benmokrane et al. (1996), however, provides a theoretical deflection that is 45% higher
than the experimental.

Finally, at M/M., = 4.5, the approaches converge even more to the experimental data, except Eurocode
2, who slightly underestimates deflections at this loading ratio.

Table 2: Statistical parameters for deflection provisions

Approach

ACl 440.1R-03 1.29 0.20 1.09 0.09 1.00 0.06
ACl 440.1R-06 1.27 0.26 1.09 0.09 1.00 0.07
Benmokrane et al. (1996) 1.98 1.03 1.45 0.14 1.23 0.07
Bischoff (2005) 1.51 0.28 1.10 0.10 0.99 0.06
CAN/CSA-S806 (2012) 2.23 0.45 1.20 0.12 1.03 0.06
Eurocode 2 (2004) 1.14 0.33 1.03 0.15 0.96 0.12
Faza and GangaRao (1992) 1.94 0.34 1.15 0.10 1.01 0.06
ISIS Canada (2007) 1.98 0.39 1.16 0.11 1.01 0.06
Toutanji and Saafi (2000) 1.62 0.26 1.21 0.18 1.03 0.06
Yost et al. (2003) 2.72 0.46 1.23 0.13 1.03 0.06

Conclusions and Points for Discussions

Due to the lower modulus of elasticity of FRP reinforcement compared to that of steel, FRP RC flexural
elements usually undergo larger deflections. This communication presents a summary of different
design equations to calculate the instantaneous deflection of FRP RC elements. Formulation is
compared to an experimental programme on 26 GFPR RC beams described in Barris and Torres (2011).
It is found that formulations based on rational procedures of interpolation between a cracked and an
uncracked deformational parameter reproduce adequately the deformational behaviour of GFRP RC
flexural elements. Other approaches that underestimate tension-stiffening effect or suggest a large



increase in deflections after reaching the cracking load result in overestimating the experimental
response at the first stages of loading. Nevertheless, further studies are needed to expand these
conclusions to actual structures such as statically indeterminate beams or prestressed members.
Moreover, the effect of repeated loading and the influence of shear deformations on the overall
deflection response should be also further analysed.
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Shear Strength and Size Effect in FRP RC beams
S. Cholostiakow?, M. Di Benedetti?, M. Guadagnini?

Introduction

The shear performance of reinforced concrete (RC) members is governed by the development of a
complex set of mechanisms. Shear stresses can, in fact, be transferred through a section of an element
by the portion of concrete in compression, aggregate interlock, friction along a diagonal shear crack,
dowel action of the longitudinal reinforcement and, when provided, the transverse shear
reinforcement. Various studies have examined the shear behaviour of steel RC beams and have shown
that member size directly affects the magnitude of the shear resisting mechanisms. Kani (1967)
examined the performance of a series of beams with varying depth and constant steel reinforcement
ratio and observed that lower normalised shear strength can be developed in beams with higher
effective depth. Work by various researchers (Shioya et al. 1990, Frosch 2000, Lubell et al. 2004) proved
that size effect may be attributed mainly to the reduction of aggregate interlock as a result of the larger
cracks that develop in larger elements. Although shear in FRP RC beams is transferred through the
development of the same resisting mechanisms as for steel RC, their magnitude and individual
contributions to overall shear capacity needs to be carefully reassessed. In fact, under similar loading
conditions FRP RC elements can develop much higher deformations, thus exhibiting wider cracks than
their equivalent steel RC counterparts. In turn, these larger deformations result in a reduced portion of
concrete in compression resisting shear and in a weakened aggregate interlock along the cracks. In
addition, due to the low transverse shear resistance of the FRP bars, the contribution of dowel action is
significantly lower (Razagpur et al. 2004).

While the overall shear behaviour of FRP RC is well documented (e.g, Guadagnini et al. 2006), research
on the effect of element size on shear strength is still limited (Bentz 2010, Alam and Hussein 2013,
Ashour and Kara 2014). This paper discusses the results of an extensive experimental programme
carried out on geometrically similar FRP RC beams (with and without FRP shear reinforcement), with
varying overall depth. The results will help to understand better shear behaviour of FRP RC beams and
will assist in developing more reliable predictive design models for large FRP RC members.

Experimental programme

The experimental programme was designed primarily to investigate the size effect on shear behaviour
of FRP RC beams with and without FRP shear reinforcement. A total of 12 tests were carried out on 6
FRP reinforced RC beams similar in geometry and mechanical parameters, otherwise varying in the
overall depth. The specimens were divided in two groups, where the first contained beams without
shear reinforcement (GB54-GB59) and the second beams reinforced with closed external FRP links
(GB60-GB65) in an amount to satisfy the minimum shear stress demand according to ACI440. The
primary variables were overall depth of the member, concrete compressive strength and the presence
of shear reinforcement. All other parameters, including reinforcement ratio, shear-span-to-depth ratio
and modulus of elasticity of the longitudinal reinforcement were kept constant for all specimens. The
beams were cast using two concrete batches of ready mix concrete and the average concrete strength,
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fc,, for each beam is also reported in Table 1 as measured on the day of testing. The longitudinal
reinforcement ratio, pir, and shear span to depth ratio, a/d, were similar for all specimens (Table 1),
while the overall depth, d, varied from 260 mm to 460 mm (Fig. 1b). The longitudinal reinforcement
consisted of 12.7 mm GFRP bars in tension, while 6 mm basalt FRP (BFRP) bars were used as
compression and lateral reinforcement.

Two tests were performed on each of the specimen examining each shear span separately (example of
the test setup for beams GB54 and GB64 and their retests are shown on Fig. 1a). During the first phase
(specimens with the even numbers) the position of the load was selected so as to induce shear failure
along the shorter of the shear spans, (a) in Figure 1a, while maintaining relatively low average shear
stress levels along the adjoining shear span (b+c) to ensure that this would remain relatively
undamaged. Before the second phase of the test (specimens with the odd numbers), the damaged
portion of each beam (shear span a) was cut, and post-tensioned metal straps (PTMS) were wrapped
along span b to provide the required additional shear strength and avoid failure in this zone. Given that
the two shear spans of the beams of 460mm overall depth were similar, PTMS were used in each phase
of testing to strengthen one of the shear spans and ensure failure of the investigated shear span.

test span l test span GFRP strips @160mm l PTMS and CFRP strips @~80mm
GB54 GB64
first phase
first phase first phase
-+ a . b | c - % a . b | c -
test span l PTMS @70mm test span CFRP strips @160mm l PTMS @60mm
(GB5S / GB65 /
second phase k\ damaged span cut k\ damaged span cut
second phase ) second phase |
/ |
-+ c b -+ c b =
a
(GB56 GB60
6854 CLIP ogey FRPlnks (2L
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Figure 1: a — test phases of the beams GB54 and GB64 and their retests; b — cross sections of the beams

Instrumentation and test setup

A three-point bending test was carried out on simply supported specimens in displacement control at a
rate of 0.25 mm/min. Quasi-static incremental loading cycles were performed at load levels inducing
predefined levels of strain in the tensile reinforcement (i.e. about 3000 pe and 4500 pe), before the
specimens were loaded to failure. The instrumentation was designed to measure the load, vertical
displacement of the beam and strains in the FRP reinforcement. The deflections of the beam were
measured by 3 LVDTs placed under the load point and in the mid shear spans. The rigid motion of the
supports was monitored by 2 transducers placed on the top of the beam and at the end extracted from
the total deflection of the beam.



A DIC was employed to obtain the full field deformations within the shear span of the beams, and in
particular, a three dimensional (3D) configuration was used to eliminate the effects of possible out of
plane displacement of the specimens during testing (i.e., generation of apparent strains) (Di Benedetti
et al. 2015). Images were acquired with two CMOS digital cameras having a 4272x2848 pixel resolution
(Canon EOS 1100D) and equipped with zoom lenses with F-number and focal length of 3.5-5.6 and 18-
55 mm, respectively (Canon EF S 18 55mm f/3.5 5.6 IS Il). The two cameras were rigidly connected 430
mm apart and mounted on a tripod. A light-emitting diode (LED) lamp was used to illuminate the
measurement surface. The stereo vision system was calibrated by taking images of a known pattern
with different positions and orientations. During the load test, the shutter was remotely triggered three
times every 10 seconds by the DAQ recording the point wise sensors in order to synchronize all data.

Experimental results

The main experimental results are summarized in the table 1 where a, b and c correspond to the
dimensions of the beams according to Fig. 1a, Ve is the experimental shear capacity of the beams, Vg,
is the predicted shear capacity of the element and vnom is the shear strength normalised by the
concrete strength.

Table 1: Main test results and material properties of the beams

VR, links
a,b,c a/d fey /v ; Vnorm spacing
mm e MPa *® (MPa)
(mm) () (MPa) 0 {mm)
GB58 36.64 37.3 26.9 0.72 0.18 -
GB59 37.53 57.6 27.1 0.47 0.27 -
620,1060,620 2.66 0.72
GB62 52.70 48.2 42.7 0.89 0.19
120
GB63 50.91 54.2 43.4 0.80 0.22
GB54 30.16 31.3 33.8 1.08 0.11 -
GB55 30.16 47.3 33.8 0.71 0.17 -
900,500,900 2.70 0.76
GB64 47.54 61.7 55.9 0.91 0.18
160
GB65 47.54 63.4 58.3 0.92 0.18
GB56 38.04 43.9 453 1.03 0.11 -
GB57 36.64 50.0 44.7 0.89 0.13 -
1120, 1180 2.59 0.78
GB60 38.40 77.2 65.1 0.84 0.19
260
GB61 38.40 85.4 64.4 0.75 0.21

All the specimens failed in shear exhibiting a brittle diagonal tension failure caused by a propagation of
the leading diagonal crack towards the compression zone of the beam, which initiated from a tip of the
flexural crack, close to the support (see Fig. 2a). The diagonal shear failure of the members strapped
with the vertical links was abrupt and followed by sequent rupture of the links, thus creating wider crack
openings and overall more damage in shear spans of the tested beams (Fig. 2b).

In general, an increase of the member stiffness and the ultimate shear capacity were observed with an
increase in the overall depth of the members, d (Fig3a,c). The retest on each beam (Fig3b,d) resulted in
overall higher capacity, which can be attributed to the fact that shortening the clear span of the beams
to remove the damaged portion of the specimen after the first test (GB54, GB58, GB62, GB64), partially
changed the internal resisting mechanisms affecting both stiffness and ultimate behaviour. For example,



in the test of GB55, the short span (green curve on Fig.3b) contributed to the overall shear capacity by
engaging a strut-and-tie action, resulting in a much higher shear resistance than that provided by GB54

(first test).Beam GB54 and GB56 failed at a load level close to the theoretical value predicted according
to Eq. 1 (Guadagnini et al. 2006).
‘ S B : :,‘
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Figure 2: Shear failure mode of the beams; a — test GB54; b — test GB65

The maximum level of strain developed along the flexural reinforcement of these two beams was close
to the limiting allowable strain used in Eq. 1 (4500ue) and failure developed rapidly upon the
development of critical diagonal cracking, indicating a rapid degradation of the contributing shear
resisting mechanisms.
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Beam GB58, which was expected to develop the lowest shear resistance, exhibited a shear capacity
almost 30% higher than that predicted according to Eq. 1. It should be noted, however, that a significant
degradation in the stiffness of the shear load-deflection response is observed at a shear load below
30kN, which is closer to the theoretical estimate and can give an indication of the load at which the
critical shear crack initiates (Fig. 3a). Upon the development of the critical shear crack, however, GB58
did not fail abruptly and continued to carry load, albeit this was accompanied by a gradual degradation
of the shear resisting mechanisms as a result of the high strains developed in the FRP reinforcement (up
to 7000u¢€) and the large crack widths. This residual strength does not appear to be adequately captured
by the theoretical model.

The capacity of the beams reinforced in shear was calculated as a sum of concrete shear capacity (Eq.1)
and the capacity provided by the links (using ACI440 code approach) to account for the overall shear
resistance of these components. However, the predictions were conservative and presented values
around 10% lower than from the experiments. In addition, the allowable strain limits in the main
reinforcement largely exceeded the design limits reaching values up to 11000ue at failure of the
specimen.

The experimental shear strength Vew/bwd, was normalized by the concrete strength, Vf, and was
plotted against the members’ effective depth, d (Fig. 4a). The results show that the normalized shear
strength decreases with an increase in d, which is in good agreement with available literature (Ashour
and Kara 2014). In particular, a drop in shear strength of about 60% was observed between tests GB59
and GB56, when overall depth increases from 260 mm to 460 mm, respectively. The size effect observed



in the tested GFRP RC beams seems to be more significant and visible than in steel RC beams of same
dimensions (Alam and Hussein 2012). This could be explained by the higher deformations and larger
diagonal shear cracks that developed in the tested beams, which caused a reduction in the shear
resistance offered by aggregate interlock along the cracks. When minimum shear reinforcement was
provided by applying external FRP links, size effect was significantly mitigated and the reduction of
shear strength was only about 10%.
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Figure 3: Shear load-deflection responses for the all specimens; a — no shear reinforcement; b — no
shear reinforcement (retest); c — with shear links; d — with shear links (retest)

Figure 4b shows the vertical strains along the shear span of the largest beam with GFRP shear links
(GB60). The map shows the contribution of the links in resisting diagonal shear failure. The average
vertical strain measured by DIC in the shear reinforcement crossing the inclined cracks was around
15000ue, which was in good agreement with the strain values measured by the strain gauge installed on
the surface of the link (16800u¢). It can be observed that shear links were not stressed uniformly across
the height of the specimen and were utilised to a higher degree close to the bottom of the shear crack
rather than the tip. The high level of damage and high strains led to the failure of link 2 (see figure 4b)
and subsequent failure of the specimen. It is worth noting, that no strains were recorded in the links in
the regions free of cracks, indicating good bond between the links and the concrete.



o
w

Ano shear

A reinforcement
A with shear

reinforcement

A A
2 A '_ e . . 0 5000 10000 15000 20000 fH

76.02kN
16800ue

Shear force [kN]

15000pe  20000pe

10000pe

Strain in the shear link [pe]
strain gauge

o o

= © o

w1 ) 33
1 1 1

on the shear link

Normalized shear strength
Vesp/ (b, dVF ) (MPa)

5000pe

A
A A

200 300 400 500
member depth d (mm)

a b
Figure 4: a — size effect in tested elements; b — vertical strain distribution in the beam GB60

e
U

Conclusions

The experimental tests confirmed that beam depth plays an important role in determining the shear
behaviour of FRP RC beams without shear reinforcement, which can already be significant for a change
in overall depth from 260 mm to 460 mm (typical of most laboratory tests). The addition of shear links,
however, seems to mitigate effectively size effect.

Although only preliminary results were presented for the analysis of strain distribution using DIC, this
promising measuring technique can enable a better understanding of local deformation phenomena of
the shear links and could be used to obtain critical damage parameters to inform the development of
more reliable numerical models, which still to date cannot simulate the complex behaviour of concrete
elements subjected to brittle failure modes.
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Experimental and numerical investigation of concrete columns reinforced with
FRP bars

Zijadin GURI?, Gjorgi Kokalanov?, Danilo Ristic3

Introduction

The use of FRP materials is of particular importance because of durability aspects, especially at elements
of reinforced concrete bridges in and the elements of structures that are subject to aggressive
environmental conditions. Other reasons for using of FRP bars instead of ordinary steel bars are low
weight to strength ratio, electromagnetic neutrality, high cut ability in temporary applications,
lightweight and flexibility of FRP bars. Almost all types of FRP bars present in market are made from
aramid (AFRP), glass (GFRP) and carbon (CFRP).

As a numerical and experimental task six concrete columns with different percentage of steel rebar and
FRP bar are tested under combined constant axial load and increasing cyclic lateral load. All columns are
RC columns of diameter 29.7cm, and height 150cm. Two columns are reinforced with ordinary
reinforcement, and other four columns are reinforced with FRP reinforcement with different diameters.
Stirrups are steel reinforcement (B500C) for all models but in different steps (15 cm and 7.5 cm) to
provide different confinement conditions.
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Figure 1 - Geometry, dimensions and reinforcement details for Experimental Models
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Model M11 longitudinal reinforcement 12912 — Ordinary reinforcement. Stirrup spacing 15 cm
Model M12 longitudinal reinforcement 12912 — Ordinary reinforcement. Stirrup spacing 7.5 cm
Model M21 longitudinal reinforcement 12910 — FRP reinforcement. Stirrup spacing 15 cm
Model M22 longitudinal reinforcement 12910 — FRP reinforcement. Stirrup spacing 7.5 cm
Model M31 longitudinal reinforcement 12¢ 8 — FRP reinforcement. Stirrup spacing 15 cm
Model M32 longitudinal reinforcement 12® 8 — FRP reinforcement. Stirrup spacing 7.5 cm
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Figure 2 — Properties of GFRP and Steel used

Analytical Modelling

Detailed nonlinear finite element models is analysed using 3D solid finite elements using SOFiSTiK
software and Fibre Section approach using SEISMOSTRUCT. For concrete modelling, brick element
(volume elements) of concrete as confined and unconfined is used. For modelling of reinforcement,
truss model with nonlinear properties of ordinary reinforcement and FRP reinforcement is used. Full
bond assumption between reinforcement and concrete is accepted.

V4 1 BRIC (Solids) element with

Smeared model of Concrete

Truss elements
for reinforcement

Unconfined Concrete

Confined Concrete

Figure 3 - Analytical FEM Model of Column
Bond between concrete and FRP reinforcing bars is important aspect for developing the composite
behaviour between concrete and FRP bar. To reach composite behaviour, sufficient bond must be
mobilized between FRP bar and concrete to be able for transferring of forces between them. Bond
interaction of FRP bar with concrete is different from bond of concrete with profiled steel bar. At the
profiled (deformed) steel bar the interaction with concrete arises primarily from the mechanical action
of the bar lugs against concrete. When the tensile stress in concrete is exceeded this mechanical bond



action leads to primary cracking extending to the surface. At the FRP bars, with lower elastic modulus
and small surface of undulations, bond interactions has more frictional character. Bond failure in steel
bars is mainly archived by crushing of concrete from lugs. Bond failure in FRP bars is mainly caused from
partial failure in concrete and some surface damage on the FRP.

Analytical models of bond-slip are essential for the determination of structural performance of FRP
reinforced concrete structures by means of numerical analysis. Rosetti, Galeota & Giammatteo (1995)
and Cosenza, Manfredi & Realfonzo (1995) have successfully applied the well-known model for
deformed steel rebars by Eligehausen, Popov & Bertero (1983) (B.P.E. model) to FRP rebars. The
ascending branch of this bond-slip (s <£sm) relationship is given by:

L [ij (1)
Tm Sm

-

Bond stress

Slip
Figure 4 - Modified B.E.P. constitutive law for Bond — Slip

The bond behaviour of FRP bars depends on the characteristics of the surface and for the same type of
surface, depends on the manufacturing process. It is generally possible to obtain bond strengths for FRP
bars of similar or greater magnitude than for steel. Indented and grain covered bars seem to provide the
best results in terms of bond strength.

Pull out is performed experimentally for testing of bond features of FRP bars. For modelling of bond in
FEM model theoretical models from literature and measured data from experiments are used.

Preliminary analytical results

In this paper preliminary analytical results are extracted in terms of force-displacement capacity,
Moment Curvature or Rotation and Interactions surfaces N-M for models. Vertical load N=250kN is
applied during all time and horizontal loads are increased gradually during failure of column.
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von Mises stresses (sigma-v)

max. |sigmav-BEAM| approx. 128.69 Njmm2
reliable values only via AQB!

max. |sigmay-BRIC] approx. 29,34 Mfmm2

Figure 6 — FEM model for column. Iteration factor of ultimate loads
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Figure 7 - Fibre model for calculations and Interaction Surface for M11 Model
Models are loaded with constant vertical load and cyclic horizontal load. Main goal will be study of
behaviour of columns from cyclic horizontal loads. Their hysteresis behaviour including ductility will be
investigated experimentally and numerically. Mathematical models are calibrated based on measured
experimental data.



Experimental Program — Bond behaviour and materials

For the purpose of understanding of behaviour of concrete columns reinforced with GFRP and steel, 6six
columns with different percentage of reinforcement are constructed and tested. This chapters describes
the material properties, bond testing of GFRP and Steel rebar from cube (pull out testing), specimen
details and test setup.

Concrete with specified 28-day compressive strength of 35 MPa is used. After concreting of six columns
a three specimens (cubes with dimensions 150x150x150 mm) are tested and results of compressive
stresses are presented below. Fc=35N/mm2

For the definition of mechanical properties of GFRP bars used in constructed columns, a tensile test is
performed. Results and pictures of testing are given below.

2
Ft1 =1108.52 N/mm

2
Ft, = 1110.65 N/mm
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Ft,=1117.20 N/mm
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Ft, = 1104.32 N/mm
2
Ft, = 1107.72 N/mm

2
Ft _ =1100.00 N/mm
mes
Figure 8 - Testing of GFRP Bars and Results

For determination of bond behaviour of Steel rebars and GFRP rebars a pull out test is performed.

Figure 9 - Specimens for testing of GFRP and Steel rebars — Pull-Out test

Tension force is registered and sliding displacement, and Force — Sliding displacement is plotted.



PULL OUT - EXPERIMENTAL RESULTS
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Figure 10 - Pull Out experimental results — Force — Sliding

Experimental Program — Experimental testing of columns

Experimental testing of six columns is performed under constant axial load 250 kN and gradually
increasing horizontal displacement by 5mm up to 80 mm. Experimental results in terms of hysteresis
and other sequences of damage of columns during testing are given below.
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Figure 13 - Experimental and Theoretical Hysteresis — Column M22



Conclusions
The conclusions obtained from experimental testing observations and analysis can concluded as follows:

e Using of FRP reinforcement in concrete columns is possible in any case of loading because the
can reach large displacement without significant reducing of element stiffness.

e Durability of element reinforced with FRP bar is increased, because of its resistance from
corroding.

e GFRP rebar have good behaviour in compression and buckling of those bars can occur when
they are in good confined conditions by stirrups.

e Bond between concrete and FRP reinforcing bars is important aspect for developing the
composite behaviour between concrete and FRP bar. Bond failure in FRP bars is mainly caused
from partial failure in concrete and some surface damage on the FRP. They have shown very
good bond behaviour from pull out tests in terms of bond stresses.
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2.3. Long Term
Behaviour and
Durability



Long-term deflections

C.Mias!, LI. Torres?, M.Guadagnini3

State-of-art

The long-term increase in deflection is a function of member geometry, load characteristics (magnitude
and duration of sustained load, and age of concrete at the time of loading), and material properties
(elastic modulus of concrete and FRP reinforcement, creep and shrinkage of concrete) (ACI 440.1R-06).
Therefore, properties of the FRP bars have a significant influence on the long-term deflections of FRP
reinforced concrete (RC) beams.

Due to lower stiffness of FRP bars compared to steel, under the same conditions (concrete class,
dimensions and area of reinforcement), the neutral axis depth of FRP RC cracked sections are lower
than those of steel RC. Consequently, the sectional curvature and the tensioned area are larger, while
the compressed area is smaller, and therefore, larger deformations are expected. However, in terms of
time-dependent behaviour, the relative curvature increment associated with creep and shrinkage is
lower than for conventional steel RC due to the smaller compressed area of concrete, and therefore
lower time-dependent deflections are expected in FRP RC.

Up to now, few published studies have examined the time-dependent deflection of FRP RC beams
(Brown&Bartholomeu 1996, Brown 1997, Arockiasamy 2000, Hall&Ghali 2000, Gross et al. 2003, Gross
et al. 2006, Laoubi et al. 2006, Al-Salloum&Almusallam 2007, Mias et al. 2013). The reported results
have generally concluded that total mid-span deflection versus time since loading of FRP and steel RC
beams follow a similar trend. However, deflection increase, as a multiplier of the initial deflection, is
significantly lower for FRP RC members than that observed for steel (Brown 1997, Hall&Ghali 2000,
Gross et al. 2006, Mias et al. 2013b). Likewise, experimental data (Gross et al. 2003, Mias et al. 2013b)
reported that concrete strength has a considerable influence in time-dependent behaviour. In general,
the beams cast with higher concrete strength lead to lower time-dependent deflection multipliers.

In addition, experimental results carried out by Al-Salloum and Almusallam (2007) has shown the
possible influence of environmental conditions on the creep behaviour of GFRP RC structures exposed
to hot and wet environments such as arid coastal areas, by means of an experimental campaign with
beams, which were completely or partially immersed in different environments (tap-water and sea-
water) at elevated temperature, and subjected to a sustained load. On the other hand, in reported
results from Laoubi et al. 2007, no significant effect of the single or coupled action of freeze/thaw cycles
and sustained bending stresses has observed on the behaviour of the tested beams in terms of
deflections, strains, and ultimate capacity.

Methodologies to predict long-term deflections

Proposed formulations for calculating immediate deflections of FRP RC structures are based on the
same principles already established for steel RC structures. Nevertheless, the equations have been
modified to be adapted to the particular behaviour of FRP RC members. Similarly, to compute long-term
deflections in FRP RC, ACI 440.1R-06 and CSA S806-08 guidelines have been adopted Branson (1971)
equation, where the long-term deflection can be obtained from the immediate deflection due to
sustained load and a corresponding factor, which depends on time since loading. In addition ACI 440.1R-
06, based on tests carried out by Brown and Bartholomew (1996) and Brown (1997), proposes
multiplying the factor used for steel RC by 0.6.

! AMADE - University of Girona, Spain, cristina.mias@udg.edu
2AMADE — University of Girona, Spain, lluis.torres@udg.edu
3 University of Sheffield, United Kingdom, m.guadagnini@sheffield.ac.uk



According to that, the long-term the total deflection, can be obtained from the following

O; (AC1440) /
equation:

5T(ACI44O) = (1"' 0-6/1)5% (1)
where A is the coefficient proposed by Branson(1971) and adopted in ACI 318, which is given as:

4

=—2 (2)
1+50p

p' is the compression reinforcement ratio and & is a time-dependent factor for sustained loads, which
includes the effects of creep and shrinkage and equals 1.0, 1.2 and 1.4, for 3, 6 and 12 months,
respectively. For 5 years or more & is set to 2.

Likewise, Arockiasamy et al. (2000), proposed a modified factor &, specific for CFRP RC. The values of

the coefficient were adjusted to their experiments on CFRP reinforced concrete beams.

However, the Canadian standard CSA S806-02 proposes a more conservative approach, adopting the
same coefficients as for steel (with no correction factors):

O (csa) = (1+ ¢ )5t0 (3)

On the other hand, ISIS recommends the use of general CEB-FIP procedure (CEB 1985) together with
creep and shrinkage curvature coefficients found in Ghali and Favre (1994), which can be obtained from
the age-adjusted transformed section properties calculated using the age-adjusted elastic modulus of
concrete, E,(t,1,) :

E(tt)=— = (@)

1+ x(tt)o(t,t)
E. is the elastic modulus of concrete at t,. x(t,t;) and (p(t,to) are the ageing coefficient and creep

coefficient at time t, respectively.

It is worth mentioning that the methodology accounts for the effects of member geometry, load
characteristics (age of concrete at the time of loading, magnitude and duration of sustained load) and
material properties (elastic moduli of concrete and FRP reinforcement, creep and shrinkage of
concrete).

Experimental results presented in Hall and Ghali (2000), Arockiasamy et al.(2000) and Mias et al.(2013b)
have shown that the procedure described above give also accurate predictions when FRP materials are
used.

Recently, straightforward method, based on multiplicative coefficients, to calculate long-term
deflections in FRP RC members due to creep and shrinkage, has been presented in Mias et al. (2010) and
Torres et al. (2012). The multiplicative coefficients are based on general principles of structural
mechanics and have been deduced using the Effective Modulus Method (CEN 2004). After mathematical
manipulation they have been reduced to be simple, but allowing to account for variations in the
environmental conditions and mechanical properties of materials.

According to that, the total deflections due to creep and shrinkage can be computed as follows:

2
= 5sus (1 + kcreep )+ % ksh (5)

where é,,,is the immediate deflections due to sustained load ,which can be computed according to
Eurocode 2 (CEN 2004) formulation or using the effective moment of inertia calculated using Bischoff

5

, proposed



(2005)’s equation, with B=0.5. &, is the free shrinkage strain, d is the effective depth and / is the span
length. The multiplicative coefficients, kcreep and ks, are reduced to:

kcreep = O73¢\[ npf ksh =1+ npf (6)

where n is the modular ratio and pyis the FRP tensile reinforcement ratio.

Comparision between methodologies

Predictions of total deflection using the ACI 440.1R-06, CSA-S806-02 equations, as well as, ISIS
recommendations and Torres et al.(2012) methodology are analysed and compared by varying different
parameters that can influence the results to highlight their influence on the different approaches. The
comparison is made for a simply supported beam with rectangular section and uniformly distributed
load. Typical values of reinforcement ratio p ranging between 0 and 0.03, and elastic modulus of FRP, Ej,
ranging between 40 and 120 GPa are considered (which cover typical values for GFRP, AFRP, and CFRP).
d/h=0.9, f=30MPa, M=1.5M,,. Two different values for free shrinkage strain, &y, equal to 200 and
500pe and for creep coefficient, @, equal to 2 and 3 have been considered. A typical value of 0.8 has
been taken for the aging coefficient y(t,t,) .

As observed in Figure 1, the ISIS and Torres et al. (2012) predictions present the same trend, with little
differences between them, showing a clear dependence on Np, @ and ¢, . Itis shown that increasing

Np leads to higher total-to initial deflection prediction ratio due to the increase in the height of the

compressive concrete block, which implies an increment of curvature caused by creep and shrinkage of
concrete. An influence of environmental conditions (affecting creep and shrinkage) can also be
observed. The total-to-initial deflection prediction ratio increases as the values of creep and shrinkage
increase. Nevertheless, the ratio is constant when using ACI 440.1R-06 and CSA-S806-02 methods, since
their time-dependent factors do not depend either on sectional properties or values of creep and
shrinkage of concrete.
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Figure 1: Effect of the free shrinkage strain and creep coefficient on
the total-to-initial deflection prediction ratio

Conclusions and Points for Discussions

Regarding the state-of-the-art in long-term deflections, further experimental data is needed to study
the effect of material properties (concrete strength, elastic modulus of FRP, creep of FRP and concrete),
environmental conditions (freeze/taw, humidity, temperature), as well as, bond in the long-term
behaviour of FRP RC elements. In addition, an analytical study of the effect of loading history on long-
term deflections, supported by experiments, should be performed to check the generalization of the
available methodologies.



Key references

American Concrete Institute Committee, ACI, 440 (2006). Guide for the design and construction of
structural concrete reinforced with FRP bars (ACl 440.1R-06). Farmington Hills. Michigan, USA.

Al-Salloum, YA. and Almusallam, TH. (2007). Creep effect on the behavior of concrete beams reinforced
with GFRP bars subjected to different environments. Constrution and Building Materials. 21(7):1510-19.

Arockiasamy, M., Chidambaram, S., Amer, A., Shahawy, M. (2000). Time-dependent deformations of
concrete beams reinforced with CFRP bars. Composites Part B: Engineering. 31(6-7):577-92.

Bischoff, PH. (2005). Reevaluation of Deflection Prediction for Concrete Beams Reinforced with Steel
and Fiber Reinforced Polymer Bars. Journal of Structural Engineering, ASCE. 131(5):752-67.

Branson, D.E. (1971) . Compression steel effect on long-time deflections. ACI Journal Proceedings.
68(8):555-59.

Brown, V. and Bartholomeu, C. (1996). Long-term deflections of GFRP-reinforced concrete beams. First
International Conference on Composites in Infra-Structure. Tucson, Arizona, USA. pp. 389-00.

Brown, V. (1997). Sustained load deflections in GFRP-reinforced concrete beams. 3rd International
RILEM Symposium on Non-Metallic (FRP) Reinforcement for Concrete Structures (FRPRCS-3). Sapporo,
Japan. pp. 495-02.

(CEB) Comité Euro-International du Béton (1985).Manual on Cracking and Deformations.Bulletin
d'Information 158-E.

CEN 2004. Eurocode 2: Design of Concrete Structures. Part 1.1: General rules and rules for buildings (EN
1992-1-1:2004). Comité Européen de Normalisation, Brussels, 2004.

CSA Standard CAN/CSA-S806-02 (2002). Design and construction of building components with fibre-
reinforced polymers. Canadian Standards Association, Mississauga, Ontario, Canada; 2002.

Ghali, A. and Favre, R. (1994). Concrete Structures: Stresses and Deformations. Ed. Chapman and Hall,
London.

Gross, SP., Yost, JR., Kevgas, G. (2003). Time-dependent behavior of normal and high strength concrete
beams reinforced with GFRP bars under sustained loads. High Performance Materials in Bridges 2003;
pp.451-62.

Gross, S.P., Yost Y.R., Crawford, J.V. (2006). Serviceability of high strength concrete beams with internal
FRP reinforcement under sustained load. In: 3rd International Conference on FRP Composites in Civil
Engineering (CICE 2006). Miami, Florida, USA; 2006.

Hall, T. and Ghali, A. (2000). Long-term deflection prediction of concrete members reinforced with glass
fibre reinforced polymer bars. Canadian Journal of Civil Engineering . 27(5):890-98.

Laoubi, K., EI-Salakawy, E., Benmokrane, B (2006). Creep and durability of sand-coated glass FRP bars in
concrete elements under freeze/thaw cycling and sustained loads. Cement and Concrete Composites.
28(10):869-878.

Mias, C., Torres, L., Turon, A., Baena, M., Barris, C. (2010). A simplified method to obtain time-
dependent curvatures and deflections of concrete members reinforced with FRP bars. Composite
Structures . 92(8):1833-38.

Mias, C., Torres, L., Turon, A., Barris, C. (2013). “Experimental study of immediate and time-dependent
deflections of GFRP reinforced concrete beams”, Composite Structures. 96 : 279-285.

Mias, C., Torres, L., Turon, A., Sharaky, I.A. (2013b). "Effect of Material Properties on Long-term
Deflections of GFRP Reinforced Concrete Beams." Construction and Building Materials. 41 : 99-108.

Torres, L., Mias, C., Turon, A., Baena, M. (2012). A rational method to predict long-term deflections of
FRP reinforced concrete members. Engineering Structures 2012; 40:230-39.



Durability of GRFP reinforcing bars and their bond in concrete

A. Rolland?, S. Chataignerz, M. Quiertant?, K. Benzarti®, P. Argoul3

Introduction

The use of composite reinforcing bars (rebars) for the reinforcement of concrete appears as an
attractive solution to prevent corrosion, which is the main pathology encountered on concrete
structures. Although such rebars are being used for more than ten years, there is a clear lack of
knowledge regarding their durability, especially under alkaline environment.

This paper aims at investigating the evolutions of tensile properties and bond in concrete of GFRP (Glass
Fiber Reinforced Polymer) bars under accelerated laboratory environmental conditions. Both plain
rebars and rebars embedded in concrete specimens were exposed to these conditions, in order to
assess the influence of the alkaline environment. GFRP rebars were chosen for this study, as this type of
bars is considered as the most economically competitive solution in comparison with classical steel
rebar.

Description of the ageing procedure

GFRP rebars under study are processed by pultrusion, using a vinylester (VE) polymer matrix. The
surface of the rebar is sand coated before the end of the polymerization process, in order to improve
adhesion with concrete.

Several samples were prepared simultaneously for the experimental program: 1.2 meter-long straight
rebars for the tensile investigations, pull-out samples, and 32 cm-long straight rebars either alone or
embedded in concrete to perform short-beam tests and assess the interlaminar shear strength. These
samples were exposed to five different ageing environments: immersion in alkaline solutions (AKS) at
20, 40 and 60°C, or exposure in air at 40 or 60°C to be able to discriminate between the influence of the
alkalinity or a pure thermal effect on the evolutions of the mechanical properties. The alkaline solution
was composed of 0.1 mol/L of NaOH, and 0.5 mol/L of KOH.

Samples were stored for a total period of 240 days, and three test campaigns were carried out (initial
state, and after 120 and 240 days). In the meantime, both temperature and pH were monitored
continuously to check the stability of the ageing environments.

Description of the experimental investigations

For each test period, different characterizations were carried out to investigate the ageing mechanisms
and their effect on mechanical properties. These experimental procedures were very similar to those
specified by ASTM standards:
- Microscopic observations using scanning electron microscopy (SEM) associated with an Energy
Dispersive X-ray (EDX) device to identify the chemical elements.
- Differential Scanning Calorimetry (DSC) analyses to determine the glass transition temperature
of the VE matrix, and infrared spectroscopy (FTIR) to get an insight of the main chemical links
present in the matrix.

! CEREMA, Direction Territoriale Nord-Picardie, France, arnaud.rolland@cerema.fr
2 LUNAM Université, IFSTTAR, France, sylvain.chataigner@ifsttar.fr
® Université Paris-Est, IFSTTAR, France, karim.benzarti@ifsttar.fr



- Tensile tests on the GFRP rebar, to assess the evolution of the ultimate strength and the elastic
modulus.

- 3 point bending tests (short-beam test) to measure the interlaminar shear strength (ILSS)

- Pull-out tests to follow the evolution of the GFRP to concrete bond behavior after ageing.

Experimental results

Microscopic observations revealed an embrittlement of the rebar close to the surface due to
accelerated ageing (Figure 1). This phenomenon was more pronounced in the case of GFRP bars
immersed directly in the alkaline solution than for bars embedded in concrete and immersed in the
solution. In addition, EDX analyses detected the presence of a limited amount of potassium in the
peripheral ring of the aged rebars.

60-AKS-240D [

1o S

S ——

CPDM 60 _AKS 240j 15
SE MAG: 40 x HV:15.0 KV. WD: 12.0 mm

Figure 1: SEM observation of a GFRP rebar cross-section after 240 days immersion in the alkaline
solution at 60 °C

Investigations by DSC and FTIR did not reveal any particular evolution of the VE matrix in terms of glass
transition temperature and chemical structure, suggesting a good chemical resistance of the polymer.
As far as the tensile test investigations are concerned, only limited evolutions of the Young’s modulus
were observed (up to 7% loss), while a significant drop of the tensile strength was obtained over ageing
time (Figure 2). This latter effect can be ascribed to the alkaline attack of the glass fibers by hydroxyl
ions. For all tests, a brittle failure was observed in the middle part of the bars.. In addition, the damage
rate was clearly accelerated by temperature. A maximum drop of strength was around 40% for
specimens immersed 240 days at 60°C. Yet, the ageing procedure (direct immersion in the alkaline
solution) is considered as too severe compared with on-site ageing.
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Figure 2: Evolution of the tensile strength and Young’s modulus of GFRP rebars after immersion in alkaline
solution at different temperatures

Differently, the short beam tests did not reveal any significant evolution of the ILSS or the failure mode,
regardless the environment and temperature. This trend seems contrary to that reported in the
literature (Chen, 2007), but it may account for the good resistance of the VE matrix and the fiber/matrix
interface.

Results of the pull-out test in terms of average bond strength (maximum force/embedded surface) are
given in Figure 3. A global increase in the bond capacity is observed after 120 days ageing, which may
result from concrete curing / shrinkage over time. Then, after 240 days, the ultimate properties
decreased slightly (but remained above the initial values). This may be due to the actual damage of the
bar/concrete interface that becomes predominant over the other effects. Unfortunately, this durability
study has not been conducted over a sufficiently long period to check these hypotheses in the long
term. No evolution of the failure mode was observed on pull-out specimens. For all samples, failure
occurred at the interface between concrete and the sand coating at the surface of the bars.
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Figure 3: Evolution of the average bond strength, after indirect immersion in the alkaline solution (AKC) and
exposure in the air at different temperatures

Conclusion

This study investigated the accelerated ageing behavior of GFRP rebars and their bond with concrete.
Specimens were exposed to various environments and the evolutions of both their microstructure and
mechanical properties were assessed after different period of time.

The main degradation was observed for the tensile strength of specimens directly immersed in the
alkaline solution, with more than 40% loss after 240 days at 60°C, ascribed to the alkaline attack of glass
fibers. Thanks to the different temperatures studied in this experimental campaign, it will be possible to
set up a prediction method based on Arrhenius law. However,, direct immersion in the alkaline solution
proved to be much more severe than actual site conditions.

No significant evolution has been found regarding the matrix microstructure, ILSS and the bond of the
rebar in concrete. The 240 days ageing period may have been two short to detect damage on these
issues. Yet, a deeper analysis of the pull-out results is currently being developed using an analytical
interface model in which the parameters are identified from experimental data, as described in
(Rolland, 2014; 2015).
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Bond of GFRP bar and concrete under static and cyclic loading

Ana Veljkovict, Marcin Michal Haffke?, Valter Carvelli®, Matthias Pahn*

Introduction

Being one of the main aspects in design of reinforced concrete structures, bond of rebar to concrete is
extensively investigated in last decades [1]. In this light, great effort is spent as well in research and
manufacturing in order to explain and to increase bond properties of FRP (fibre reinforced polymer) rebar
to concrete. Rilem [2] recommended standard pull-out test as simple, but still effective method, for
experimental assessing of bond properties. With the aim of simulating better real conditions in structure,
but also for estimating concrete splitting tendency, pull-out test with eccentric placement of the bar is
recommended by fib Bulletin 10 [1]. Due to excellent behaviour in aggressive environments and low cover
splitting tendency, FRP rebar can be used in combination with very thin concrete cover, still ensuring the
proper bond condition to concrete.

Delay in cover splitting along FRP bars is the consequence of its softer surface comparing to steel bars,
which results in avoiding high local stress concentrations in bond contact points to concrete [3]. GFRP
(glass fibre reinforced polymer) bars with trapezoidal ribs showed that cracking caused by splitting forces
is delayed in specimens reinforced with GFRP rebars, comparing to ones reinforced with classical steel
rebars [4]. GFRP bars with sand coating and spiral wrap demonstrated earlier cover cracking for higher
concrete mechanical properties [3]. The concrete cover value can change the bond failure mechanism.
Helically wrapped bars, cover of one bar diameter, generate splitting failure, while higher covers, two or
more diameters, generate pull out or fracture of the bar [5].

The fatigue behaviour of FRP bars embedded in concrete depends on the bond strength mechanisms and
therefore bar surface treatment is playing a great role and must be included when cyclic bond behaviour
is described. Fatigue causes more serious effects in steel/concrete than in FRP/concrete bond, mainly
because more stiff steel rebar develops bond mechanism with higher damage effects on interface during
cyclic loads [6]. Helical wrapping and sand coating of FRP rods considerably reduced the resistance of the
bond to cyclic loading, even for small loading levels in case of helical wrapping [7], [8]. Standard pull-out
specimens showed that the best bond under cyclic loading was demonstrated by GFRP rods having stiff
external layer of polymer, with large deformation of the external surface to increase the adhesion [7].
Post-cyclic bond behaviour is still not well-understood, due to different results from different studies,
showing increased, decreased or same bond strength before and after cyclic loading [6], [9], [10], [11].

Eccentric pull-out tests, in below presented experimental campaign, investigated possibilities of
application of low concrete cover in combination with GFRP reinforcement. This is particularly important
for application in thin plate elements that are usually prefabricated and used as fagade panels, pavement
or layers in sandwich composite plates. The pull-out test set-up with eccentrically positioned GFRP bar
was adopted to measure the effect of: external surface of the bar, thickness of the concrete cover and
concrete mechanical properties. In addition, for cyclic loaded specimens, the maximum load in cycle is
added as fourth parameter, in order to estimate the fatigue bond behaviour. This research gives an
overview on best FRP/concrete bond performances considering all mentioned input parameters.
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Experimental setup and materials

The pull-out setup with eccentrically positioned bar was adopted (Figure 1a, b) together with standard
Rilem centric pull-out test for comparison. Position of bars in tests was centric or with cover of 10, 15 and
20 mm. The length of bonded zone between bar and concrete was 5@, provided by an aluminium pipe
that prevent forming of bond on the remaining part of the bar.
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Figure 1: Eccentric pull-out specimen geometry: (a) top view; (b) longitudinal section A-A; and (c)
experimental setup.

Figure 1c shows photo of test setup with two displacement transducers (LVDT) that were placed on the
top of the cube to continuously measure displacement: one of the bar and another of the concrete surface
next to the bar. The quasi-static pull-out tests were performed setting a cross-head displacement rate of
1 mm/min.

In case of cyclic tests, loading levels were selected according to the average static strength assuming R =
60 and 70%, where R represents ratio of the maximum load in the cycle and the static bond strength
(R=tmax/tu). The ratio of maximum and minimum loads in the cycle was set to 0.1. The tension-tension
cyclic loading was applied with a frequency of 5 Hz. Tests were considered valid after the complete bond
failure or after one million cycles. In the latter case, bar was pulled out statically to estimate the residual
bond strength.

Two types of unidirectional E-glass FRP rebars were adopted, namely, ASLAN 100 rebars [12] of nominal
diameter 6 mm and ComBAR® [13] rebar of nominal diameter 8 mm. The GFRP rebars of both types were
produced by pultrusion technique with vinyl-ester resin. Those of diameter 6 mm have surface deformed
with helical wrap and coated with coarse sand, while 8 mm rebars have external ribbed surface cut into
the bar after curing (Figure 2). Table 1 contains the mechanical properties of the rebars in the direction
of the bar axis, according to the data sheet of the producers. For the sake of comparison, tests were
carried out with conventional steel ribbed bars (grade B500B, Table 1) of the same nominal diameters (6
and 8 mm).

Table 1: Mechanical properties of bars (*yield strength of steel bars).

Material Nominal External Tensile Tensile modulus
diameter [nm] surface  strength [MPa] of elasticity [GPa]

GFRP Wrapped,
(ASLAN 100) 6 sanded 896 a6
( CO?anjR@) 8 Ribbed 1500 60
(BS;SS'B) 6and 8 Ribbed 500* 210




Figure 2: Surface of the GFRP rebars: (top) ASLAN 100, @ 6mm; (bottom) ComBAR, @ 8mm.
In total, four different concrete classes were used, named in the following C1, C2, C3 and C4. Average

compressive cubic strengths, tensile strengths and moduli of concretes are listed in Table 2.

Table 2: Mechanical characteristics of the considered concretes.

Average compressive | Average tensile | Average compressive

Concrete ID cubic strength [MPa] | strength [MPa] | modulus of elasticity [GPa]
C1 (C20/25) 23.3 2.29 19.71

C2 (€C30/37) 38.9 3.32 22.45

C3 (C45/55) 56.3 3.96 27.88

C4 (C50/60) 62.3 n.a. n.a.

Results and Comparisons

Assuming the average shear stress (t) on the contact surface between bar and concrete, estimated as t =
F/(n@*5l), the average shear strengths are compared in Figure 3 [14]. The bond strength of ComBAR GFRP
bars of diameter 8 mm are quite similar to the one of steel bars (values are in the same experimental
scatter (Figure 3b)), while Aslan GFRP bars of diameter 6 mm had lower shear strength comparing to steel
bars of same diameter (Figure 3a).
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(a) (b)
Figure 3: Comparison of the average shear strength for the concrete C4 (C50/60) and considered
concrete covers (10, 15 and 20mm): (a) Steel and ASLAN rebars of diameter 6 mm; (b) Steel and
ComBAR rebars of diameter 8 mm. Error bars indicate standard deviation of three tests.

One of the main reasons for the different behaviour of these two GFRP bars is clear observing their
external surface after pull-out process. Sanded and wrapped Aslan 100 bars had external layer completely
detached from the bar core, including the helical wrap and coarse sand (Figure 6a), while on the other
hand, the ribbed ComBAR bars showed undamaged ribs and concrete still attached to the bar between
its ribs [14].



(b)

Figure 4: External surface of the GFRP rebars after pull-out: (a) ASLAN 100 with concrete cover 20 mm;
(b) ComBAR with concrete cover 15 mm.

More tests were performed with steel and GFRP ribbed bars of diameter 8 mm, in order to get more
precise information about debonding behaviour and damage modes. Figure 5a demonstrate that ribbed
GFRP bars and steel bars showed even more comparable values of bond strength for 10 and 20 mm
concrete cover [15] than in previous research [14]. The main difference between shear stress vs. slip
curves of mentioned bars is the highest area underneath the curves of GFRP, meaning a higher energy to
have a complete separation of the bar and concrete (Figure 5b) [15].
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Figure 5: GFRP and steel bars of diameter 8, in concrete C4, with covers of 10, 15 and 20 mm (a)
Comparison of the bond strength (b) Representative shear stress vs. slip curves.

The influence of concrete class and thickness of concrete cover on bond with GFRP ribbed bar of diameter
8 mm is analysed on Figure 6.
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Figure 6: Comparison of the bond strength for: (a) GFRP ribbed bar in concrete C1-C4 and three
covers; (b) GFRP ribbed bar in concrete C1-C3 and three positions of the bar.
Concrete class improves significantly bond characteristics (Figure 6a), while concrete confinement
increase had negative influence on bond strength (Figure 6b). Namely, comparison of the eccentric and
centric pull-out tests showed tendency of the bond strength to decrease with increasing the confinement



for the lower concrete qualities, while this effect becomes less pronounced as concrete class increases
(Figure 6b) [15]. Figure 7 shows typical bond shear stress vs. bar slip curves, for covers 10 and 20 mm and
centrically positioned bars, and concrete classes C1 — C3. Presented curves demonstrate a typical bonding
behaviour with almost no slip up to the maximum shear stress (shear strength) and similar non-linear
post peak branches. However, different post peak behaviour was observed for different concrete classes.
The higher concrete cover showed a higher fracture energy, i.e. higher area underneath the t-slip curves
[15].
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Figure 7: Representative shear stress vs. slip curves for @8mm: (a) GFRP ribbed bar cover 10 mm; (b)
GFRP ribbed bar cover 20 mm; (c) GFRP ribbed bar centric specimen.
Visual inspection showed that in case of ribbed GFRP bars of diameter 8 mm, for concrete cover 10 mm
splitting of the concrete cover occurred and for all other cases pull-out of the bar was recorded [15]. The
bond surfaces (GFRP and concrete one) after failure were observed locally in details after sawing the
specimen along the plane passing through the bar centre, orthogonally to the cover side [16].

(b)

(d)
Figure 8: Failure surfaces after static loading of specimens of concrete C2 (C30/37) and ribbed GFRP
bar of diameter 8 mm: (a, b) cover 10 mm; (c, d) cover 20 mm. (a, c) surface of the concrete, (b, d)
surface of the rebar.
In case of 10 mm cover, the bar ribs pattern is clearly visible on the concrete side (Figure 8a), while the
bar has still concrete attached between ribs as well as longitudinal grooves on the bar contact portion
(Figure 8b). This reveals a failure mechanism involving both the concrete and the external layer of the
bar. Specimens of 20 mm cover have less distinguishable imprint of the bar on the concrete (Figure 8c)
and reduced quantities of concrete in between the bar ribs (Figure 8d) [16].



The fatigue tests performed for the lowest stress level (R=60%) did not generate complete failure of the
specimens after one million cycles for all combinations of concrete qualities and bar covers (GFRP ribbed
bar of diameter 8 mm, concretes C2 and C3, and concrete covers of 10, 20 mm and 100 mm) [15]. The
second load level for fatigue test was selected as R = 70%. In this case, bond failure of almost all specimens
was obtained before one million cycles. Different fatigue life occurred for different specimen types, as

presented in Figure 9 [15].
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Figure 9: Fatigue life for bond of concrete and ribbed GFRP bar of diameter 8 mm, load level R = 70%.

For 10 mm concrete cover, significantly longer fatigue life is achieved by specimens of higher concrete
class (concrete C3), one order of magnitude longer comparing to lower class concrete C2 (Figure 9). For
cover of 20 mm, more similar values of the average fatigue lives were obtained for both concrete classes,
C2 and C3. Centric specimens of concrete C2 exhibited very good fatigue behaviour at loading level
R=70%. These specimens showed tendency to survive one million cycles even with such high value of
cyclic load. However, due to insufficient data for this specimen type, it still remains issue to be checked
in next investigations. In case of higher concrete class (C3), specimens with centrically positioned bar
showed a reduction of fatigue life, that is consistent with the quasi-static behaviour (Figure 9) [15].

The local observation of the bond surfaces after fatigue failure showed more damaged bar surfaces
comparing to quasi-static tests of same characteristics. Failure mechanism involved deeper grooves in the
bar surface, while thin layer of fibres from the external surface of the bar was observed still bonded to
the concrete [16].
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Figure 10: Comparison of the pre- and post-fatigue representative shear stress vs. slip curves of bond
between concrete (C2 and C3) and ribbed GFRP bar of diameter 8 mm, for: (a) centric specimens; (b)
eccentric specimens.



In case of no failure after one million cycles, for the load level R=60%, post-fatigue quasi-static pull-out
was performed. Resulting bond strength did not have a reduction, in some cases result even showed an
increase in bond strength (Figure 10), but in the experimental scatter band of the pre-fatigue quasi-static
bond strength [15].

Conclusions

Quasi-static and fatigue behaviour of the bond between GFRP (glass fibre reinforced polymer) rebars and
concrete was investigated considering the influence of bar surface, concrete cover and concrete
mechanical properties.

The main conclusions of the experimental investigation are as follow.
For static loading:

e The bond strength of CoOmBAR GFRP bar of diameter 8 mm are quite similar to the one of steel
bar, while ASLAN bar of diameter 6 mm has lower bond strength comparing to steel.

e The different external surface of the GFRP bars lead to different damage modes: the ASLAN 100
had complete delamination of the external layer; the ComBAR showed mainly undamaged ribs
and concrete still attached in between them after pull-out.

e Reducing the confinement of concrete from 100 mm to 10 mm, for this type of ribbed GFRP bar
of diameter 8 mm, affects bonding conditions in different manner: it lowers bond fracture energy,
but it does not lower the value of the bond strength. Moreover, the concrete compressive
strength influence on bond properties is much more pronounced than that of the concrete cover.

For cyclic loading:

e Specimens of all combinations of ribbed GFRP bar of diameter 8 mm, concretes C2 and C3 and
cover of 10, 20 and 100 mm, did not fail after one million cycles of cyclic loading at R = 60%.
Moreover, they showed an unchanged post-fatigue bond strength compared to the pre-fatigue
quasi-static one.

e For cyclic loading with R = 70%, the higher concrete quality demonstrated a longer fatigue life
with the lower concrete cover, that is consistent with the results of the quasi static pull out
tests. Fatigue life does not depend on the considered bar cover for concrete C3 (C45/55), while
the mechanical properties of the concrete have a considerable influence on the fatigue life of
the bonding with the lower concrete cover (10 mm).
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Tension stiffening effect in FRP RC tensile members

M. Baena®, L. Torres?, A. Turon®

Introduction

Suitable modelling of reinforced concrete (RC) cracking and, particularly, post-cracking behaviour, is the
most important and difficult task of the deformation analysis. Due to the interaction between
reinforcement and concrete, the intact tensioned concrete between adjacent cracks is able to sustain
certain level of tensile stresses and contributes to the stiffness of the RC element. This tension stiffening
(TS) effect is of high importance in deformation analysis (crack formation, crack spacing and crack
widths) and should be accounted for in design practice, especially at service loads.

Strategies in modelling TS in RC

The cracking behaviour of RC structures has been widely studied for traditional steel reinforced
concrete (SRC) structures. Several methods have been used to implement the stiffening effect by the
concrete between cracks. However, the extension of these methods to FRP RC structures is not always
straightforward.

Effective cross sectional area

Some models evaluate the deformability of the whole element by an elastic analysis, where an effective
cross-sectional area (or effective moment of inertia for flexural elements) is introduced (ACI 224.2R-92
(1992) (see Eqg. 1), ACI-318.11 (2011)). This effective cross-sectional area (A.) varies gradually from the
gross sectional area (A,) to the cracked cross sectional area (A), as loading of the member increases
beyond the cracking load (P,,):

o= () g+ [1- () |, 8

No adaptation of this equation to FRP reinforcement has been proposed in the code for tensile
elements. However, a reduction coefficient (see Eg. 2) was introduced in ACI 440.1R-03 (2003) to
modify the equation for SRC flexural elements and adapt it to the FRP characteristics.

Ba=05["2 1] <1 )

Smeared crack methods

As an alternative, other models propose the use of average stress-strain approaches for characterizing
material properties, where an effective tensile stress-strain relationship is developed with the
displacements at cracks distributed over the length between cracks. Following this strategy, some
models have been presented where the TS effect is coupled in the constitutive equation of embedded
reinforcement, thus giving an expression for the average strain in the reinforcement after cracking. This
is for instance the case of Eurocode 2 (1992), where the TS effect is simulated by multiplying the strain
in the reinforcement at a crack by a factor less than 1 (see Eq. 3 where o; is the stress in reinforcement
at crack due to applied load, o, is the stress in reinforcement calculated on assumption of cracked
section at load corresponding to cracking load, £ is a factor accounting for bond characteristics of
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reinforcement (reading 1 for deformed bars and 0.5 for plain bars), and £ is a factor accounting for
loading type (reading 1 for short term loading and 0.5 for sustained/repeated loading).

e =2 [1- i (Z) | <2 )

Model Code 90 (1993) proposes a similar expression for the average strain in the reinforcement after
cracking (&,). In this case, the code makes a differentiation between being at the cracking stage or at
the post-cracking stage:

_ Bt (05—05r1)+(Tsrn—05)

(Osrn—0sr1)

Em = € (€52 — &51)  cracking stage (4)

€m = €2 — Pe(&sr2 — €sr1) post-cracking stage (5)

where &, is the strain in reinforcement for a fully cracked section, &, and &, are the strains for the
uncracked and the fully cracked section, when first crack forms, o, and oy, are the reinforcement
stress at crack when first and last crack are formed, and f; is a coefficient for transmission length
(reading 0.4 for pure tension). It has to be noticed that Egs. 3-5 are no longer included in the latest
versions of both codes (Eurocode 2 (2004) and Mode Code 90 (2010)). Besides, no mention to FRP
reinforcement can be found.

Alternatively to this two code models, coupling of the TS effect in the reinforcement constitutive
equation has also been proposed by Gilbert and Warner (1978) and Lee and Kim (2009). The latter
modified £ coefficient in Eq. 5 to include the effect of concrete strength and cover thickness. As an
alternative to the TS coupling in the constitutive equation of embedded reinforcement, TS has also been
coupled in the constitutive equation of cracked concrete (Vecchio and Collins (1986), Torres et al.
(2004), Kaklauskas and Ghaboussi (2001), Stramandinoli and La Rovere (2008)). These models are
usually dependent on geometrical and mechanical parameters such as reinforcement ratio and modular
ratio, among others. Besides, most of these models have been developed for SRC and cannot be directly
extended to FRP RC structures, particularly in the serviceability analysis where FRP material’s higher
deformability may condition the RC mechanical properties. However, most of these models have been
obtained from experimental data where shrinkage effects have not been analysed, and only a few
shrinkage-free models have been proposed. This is the case of Bischoff and Paixao (2004), who
proposed a shrinkage-free tension stiffening factor applicable to concrete reinforced with bars of
different stiffness. This tension stiffening factor represents the tensile response of cracked concrete
relative to the initial cracking strength, and is presented to be independent of reinforcing ratio and
concrete strength. In this same line, Kaklauskas and Gribniak (2011) propose a method for the removal
of shrinkage from moment-curvature and tension-stiffening relations.

Bond-slip based models

TS effect heavily relies on the bond between concrete and reinforcement to transfer stresses.
Therefore, a third possible strategy to model TS effect is to evaluate the member deformability by an
analysis that takes into account both the effective behaviour of materials (concrete and reinforcement)
and their interaction (by means of a bond-slip law). The assumption of a member block between two
consecutive cracks, appropriate constitutive models (for concrete, reinforcement and interaction) and
the application of equilibrium and compatibility conditions, allows one to evaluate the state of strain
and stress at every cross section of the block.

Although being more accurate, these models involve either the solution of the system of differential
equations that arise from the analytical study of the problem (Gupta and Maestrini (1990), Russo and
Romano (1992), Yankelevsky et al. (2008)) or the use of numerical procedures, such as finite difference
method and/or finite element method (Ferracuti and Savoia (2005), Vollum et al. (2008), Wu and Gilbert
(2009)).



However, although these models include the bond phenomenon, most of the existing works use a linear
or bilinear bond-slip law to model the interaction between the reinforcing bar and the concrete. In
addition, although stress and strain distributions caused by cracking can be predicted, no comparison to
experimental results is usually reported. In a recent work presented by Baena et al. (2013), non-linear
bond-slip law obtained from experimental pull-out tests were used in the validation of the numerical
model, and numerical results for strains distribution were compared to experimental data.

Experimental database on FRP RC tensile elements

Being tension stiffening effect occurring in RC subjected to tensile loads, the direct tension test seems to
be the more appropriate o study the influence of the different parameters on the tension stiffening
effect. However, most of the existing work is based on flexural elements, and limited database on
tensile members is available.

First results of an experimental program on FRP RC tensile members can be found in Aiello et al. (2004).
Ordinary concrete (fc/=47 MPa) was used, and CFRP rebars (Ecrp=110 GPa and f;,=2400 MPa, d,=8mm)
were considered as internal reinforcement. The experimental investigation was carried out on
cylindrical specimens varying the concrete cover thickness. According to presented results, there exists
a threshold value of concrete cover over reinforcement diameter (c/d,=3) over which little further
benefit from the bond interaction between reinforcement and concrete is obtained.

An experimental program on FRP RC ties was presented in Bischoff and Paixao (2004). The average
concrete compressive strength was 48.8 MPa and GFRP bars with Egp=41 GPa were considered. One
reinforcing bar was centered at the square concrete cross section (100mm x 100mm) of each tie and
three different reinforcement ratios were obtained (0=1.3, 2, 2.9%). According to experimental results,
given any member strain, GFRP RC exhibited greater TS than SRC.

A parallel in time investigation was conducted by Sooriyaarachchi (2006), where the influence of
reinforcement ratio (p), concrete compressive strength (fc'), and bar diameter (d,) was studied.
According to experimental results, the reduction of reinforcement ratio and the increase of concrete
grade derived in an increase of the additional stiffness observed at the post-cracking stage of RC tensile
elements, and no influence on the rebar diameter was found when results for equal reinforcement ratio
were considered.

More recently, an experimental programme on the cracking behaviour of GFRP RC tensile elements was
presented in Baena et al. (2011). The programme consisted on 6 RC tensile elements with reinforcement
ratios ranging from 0.44% to 1.63% (combining two section sizes and three diameters). Experimental
results showed the dependence of load-deformation response and crack spacing on the reinforcement
ratio. Besides, crack spacing was found to be dependent on the ratio d»/p.s and the role of concrete
cover on crack spacing was found to differ from that of flexural members, where smaller covers are
usually found.

Conclusions and Points for Discussions

The controversy in experimental results of limited published works depicts that there is a need on the
development of a numerical model, capable to account for the singularities of the interaction between
FRP reinforcement and concrete.

Besides, the limited amount of experimental programs centered on the behaviour of FRP RC tensile
elements is partially understood if one considers that there are some aspects on the behaviour of SRC
tensile elements that have not been yet accurately studied (concrete cover influence on splitting crack
and crack with predictions at the concrete surface, among others).
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Removing the shrinkage effect from short-term moment-curvature and tension-
stiffening relations

V. Gribniak®, G. Kaklauskas®

Introduction

Shrinkage is important, although most frequently neglected, effect related to the constitutive modelling
of reinforced concrete (RC). In the general practice, shrinkage along with creep is taken into account in
pre-stress loss and/or long-term deformation analysis. However, even at the first loading, free shrinkage
strain of concrete may be of magnitude that exceeds the cracking strain. Due to restraining action of a
stiff reinforcement, shrinkage induces tension stresses in the concrete that might significantly reduce
the crack resistance and, consequently, increase deformations of RC members. Kaklauskas et al. (2009),
Kaklauskas & Gribniak (2011) and Gribniak et al. (2013a, 2013b) indicated that the short-term test data
of shrunk RC elements might be essentially distorted ignoring the shrinkage effect.

Gribniak et al. (2013a) revealed that correct assessment of the shrinkage effect might be important in
correct numerical modelling of deformations of RC members. In numerical simulation, shrinkage can be
taken into account in two ways: implicitly or explicitly. In the implicit approach, common for engineering
practice, a numerical analysis is performed using the tension-stiffening laws coupled with shrinkage. In
the explicit approach, shrinkage is introduced as a prescribed deformation or as a fictitious force
(Kaklauskas et al. 2009). Gribniak et al. (2013a) reported that, in the cases of high demands on accuracy,
shrinkage should be accounted explicitly. Such analysis has to employ material (tension-stiffening)
models with the removed shrinkage effect. These models can be obtained from the modified
experimental data (by removing shrinkage). Until nowadays, only a few such (i.e., shrinkage-free)
models were proposed.

Current paper presents a numerical procedure for removing shrinkage from moment-curvature and
tension-stiffening relations. Based on this procedure, the shrinkage-free relations are derived using the
test data of two RC beams reported by Gribniak et al. (2013c).

Removing the shrinkage effect

The presented procedure is based on the Layer section model (Kaklauskas 2004). Tension-stiffening is
modelled by equivalent constitutive law of tensile concrete using next approaches and assumptions.

Approaches and assumptions

e Concrete is considered to be a homogeneous material.

e The smeared crack approach is adopted.

e Linear strain distribution within the section depth.

e The same stress-strain law is used for each layer of concrete in tension.

Direct technique: Moment-curvature analysis

Let us consider RC section subjected to an external bending moment M, shown in Figure 1a. It is
divided into n longitudinal layers corresponding to either concrete or reinforcement (Figure 1b). The
centroid of tensile reinforcement layer corresponds to the effective depth of section. Height of this
layer t, is taken from the condition of the equivalent area, i.e. t; = A; / b (Figure 1b), where A; is the area
of reinforcement; b is the width of section.
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Figure 1: Layer section model (a)—(e) and constitutive laws for reinforcement (f) and concrete in
compression (g) and in tension (h)

The technique is based on the secant deformation modulus conception (Kaklauskas et al. 2009). It needs
to assume material laws for the reinforcement (Figure 1f) as well as for the concrete in compression
(Figure 1g) and in tension (Figure 1h). The traditional approach of deformation analysis of RC structures
is based on section transformation in relation to reference modulus of elasticity. Present technique uses
a slightly different formulation applicable for the analysis of composites having different properties of
layers that contribute to integral stiffness of the section. Curvature k and strain ¢; at any layer i (Figure
1d) are calculated by the formulae:

M, SE
=—% &=k\y,=V.); V.=——; AE=b ;
K EI EI K(y/ yc) yc A Z, 10 lsec (1)

AE bz yl ISEC; IE bz |:13/12+t1(y1_yc) :|Ei,sec‘

Here AE, SE and IE are the area, the first and the second moments of inertia multiplied by the secant
modulus E; ., respectively. Other notations are evident from Figure 1b.

The analysis starts by using the linear elastic properties of materials. For the given strain & and the
constitutive law (see Figure 1f, 1g and 1h), stress o; is obtained. The secant deformation modulus
Eisec=0;/ € is determined for each of the layers (i =1...n). Once this is done, the new curvature and
strains &; are calculated by Equation (1) and the whole process repeated until there is no change (within
the assumed tolerance A) in the computed values of secant modulus at each of layers. Figure 1d and le
illustrate strain and stress distributions within the Layer section model. The calculation is terminated
when the ultimate load step is reached.

Inverse technique: Deriving tension-stiffening relationships

The inverse analysis has an objective to determine parameters of the model based on the response of
the structure. It is based on the concept of a progressive calculation of the stress-strain relationship for
the extreme tension layer of the section. Figure 2 presents a flow chart of the inverse technique. Based
on geometrical parameters of the cross-section, the Layer section is composed. Stress-strain material
laws for steel and compressive concrete are assumed. Computations are performed iteratively for an
incrementally increasing bending moment. At each moment increment j, an initial value of the secant
deformation modulus of stress-strain relationship under derivation is assumed equal to zero (E;o = 0).
Curvature Ky, is calculated by the direct analysis. If the agreement between the calculated and the
original curvature Koy, is not within the assumed tolerance 4, i.e. Condition 1 is not fulfilled (Figure 2),
the analysis is repeated using the hybrid Newton-Raphson & Bisection procedure (Gribniak et al. 2012)
until Condition 2 is satisfied. At each iteration k, a secant deformation modulus E; is calculated. If the



solution is found (i.e. Condition 1 is satisfied), the obtained value of E;, is fixed and used for next load
increments. If the limit iteration number is exceeded (k > N = 30), the calculated E; y is rejected, meaning
that the secant deformation modulus E; is not defined at the moment increment i, and the analysis
moves to the next load step. The calculation is terminated when the ultimate loading step is reached
(Condition 3).

Shrinkage-free moment-curvature and tension-stiffening relationships

The shrinkage removing procedure combines direct and inverse techniques described above. The
procedure is performed in the following steps sketched in Figure 3.

Step 1. Using the moment-curvature diagram schematically shown in Figure 3a, the stress-strain
relationship is derived (Figure 3b) by the inverse technique.

Step 2. Using the stress-strain relationship, obtained in Step 1, the moment-curvature diagram is
calculated by the direct technique. In this analysis, in order to remove shrinkage, the shrinkage strain of
concrete is taken positive, i.e. as the expansion strain. The calculated shrinkage-free moment-curvature
diagrams are shown in Figure 3c along with the initially assumed curve. It should be noted that due to
the expansion of concrete, initial negative curvature was obtained. In absolute value, it is equal to the
initial curvature (the positive one) due to shrinkage.

Step 3. As unloaded non-shrunk beam has no curvature, the obtained shrinkage-free moment-curvature
diagram is shifted to the zero point (see dashed line in Figure 3c). Using this diagram, the shrinkage-free
stress-strain relationship is obtained by the inverse analysis. This relationship is shown in Figure 3d
along the one obtained from the “test” of shrunk member.
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Figure 2: Flow chart of the inverse problem
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Analysis of experimental data

For illustration purpose, present analysis uses experimental results of two beams reported by Gribniak
et al. (2013c). The beams had a rectangular section reinforced with GFRP or steel bars having similar
area of reinforcement. The beams were tested under a four-point-bending scheme with the
concentrated forces dividing 3000 mm span into three equal parts. Main characteristics of the beams
are given in Table 1, where b, h, and d are the width, height and effective depth of the section; Af (or As)
and E; (or E;) are area and deformation modulus of the tensile GFRP (or steel) reinforcement; E, fc and
& are the deformation modulus, compressive &@150x300 mm cylinder strength and shrinkage strain of
concrete at age of testing.

Figure 4a gives the experimental and shrinkage-free moment-curvature diagrams. The black lines
represent diagrams coupled with shrinkage, whereas stress-strain relations after removing the
shrinkage effect are shown by the grey lines. Tangible differences between the transformed and the
original curvature diagrams can be noted for the beam S2-3 having steel reinforcement.

The derived tension-stiffening relationships are shown in Figure 4b. It can be noted that shrinkage-
induced stresses cause additional tension in the concrete surface near maximum concentration of
reinforcing bars and, thus, reduction of the cracking resistance (reflected by the peak stress at the
derived tension-stiffening diagrams). After the removal of this effect, the peak stresses increase.

Although the beams reinforced with GFRP and steel bars exhibited similar tension-stiffening stresses at
strains prior to yielding of steel reinforcement, the limit strains (corresponding to zero tension-stiffening
stress) of the derived diagrams were quite different. The ultimate strain for steel reinforcement did not
exceed 2500 micro-strains, whereas for GFRP bars it was almost twice as big. This occurs due to very
high tensile strength of GFRP in respect to steel bar that is not able to carry tensile stresses in the crack
where yielding was reached. In other words, the tension-stiffening effect disappears after the yielding of
steel.

It should be pointed out that the considered beams were reinforced using bars with different
deformational moduli (Table 1). Due to differences in the restraining stiffness and, consequently,
magnitude of shrinkage-induced stresses, the shrinkage effect has to be accounted for the comparative
analysis of different reinforcement materials as well as for constitutive modelling purposes.

Table 1: Mechanical properties of the reinforcement
h d As orA; E;orE; | E i Es t

(mm) | (mm) (mm) (mm?) (GPa) (GPa) (MPa) (um/m) (days)

S2-4-1nm | 273 304 275 452.4 64.4 35.0 | 47.2 -318 31
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Figure 4: Deriving shrinkage-free moment-curvature and tension-stiffening relationships

Conclusions and Points for Discussions

e Shrinkage-induced stresses cause additional tension in the concrete surface near maximum
concentration of stiff reinforcement and consequent reduction of the cracking resistance. The
shrinkage effect significantly varies due to differences in the restraining stiffness related to the
deformation modulus and area of reinforcement.

e The beams reinforced with GFRP and steel bars exhibited similar tension-stiffening stresses with
the difference that these stresses in the steel reinforced elements practically disappeared after
the yielding of steel.
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Experimental investigation and modeling of the bond between Aramid Fiber
Reinforced Polymer bars and concrete

A. RoIIandl, S. Chataignerz, K. Benzarti®, M. Quiertant®, P. Argoula, J-M. Paul’
Abstract

Aramid Fiber Reinforced Polymer (AFRP) bars are being used as internal reinforcement of concrete
structures for more than twenty years. Their main advantages over common reinforcing steel bars rely
on their lightness, durability performances, mechanical properties, and electromagnetic neutrality. For
this application, interfacial properties between the reinforcing bar (rebar) and surrounding concrete
play a major role on the mechanical performances of the reinforced concrete structure. In this context,
this research aims at investigating the bond behaviour of commercially available AFRP reinforcing bars
(rebars) embedded in concrete. The first part of the paper is devoted to the assessment of mechanical
and physical properties of the selected rebars. A second part is then dedicated to the study of interfacial
properties between the rebars and concrete: the interfacial bond strength is first assessed using a
specifically designed pull-out test, and a novel modelling of the interface behaviour is then developed,
based on an analytic bond-slip law. The method used for identifying the key theoretical parameters of
the model is also discussed.

Introduction

Corrosion of steel reinforcing bars (rebars) is the main cause of deterioration of concrete structures.
Consequently, some researchers investigated the use of alternative reinforcing materials such as
advanced fiber reinforced polymers. This technology is being used for almost twenty years in some
countries such as Canada or the USA (Benmokrane et al., 2012), and specific design guidelines and test
procedures have been developed to characterize this type of material and promote its introduction in
new structures (JSCE, 1995) (ACI, 2004) (ISIS, 2006) (FIB, 2007) (CNR-DT, 2007) (ACI, 2008). A wider use
of such a technology would have a beneficial effect on durability, and may thus lead to decrease the
total cost of a structure as shown in (Eamon et al., 2012).

The present work is concerned with braided Aramid Fiber Reinforced Polymer (AFRP) rebars that are
produced in Japan by Fibex® Company (Figure 1). Both plain and sand-coated AFRP rebars are studied.
This research is part of an ongoing investigation program focusing on this material (Rolland et al., 2013)
(Chataigner et al., 2013). The first part of the paper presents the experimental characterizations that
were conducted on AFRP rebars, including microscopic observations, tensile tests, determination of the
glass transition temperature (T,) of the polymer matrix, and measurement of the thermal expansion
coefficient. Considering that the bond properties between the rebars and surrounding concrete is a key
point regarding the performance of AFRP reinforced structures, the second part of the paper focuses on
pull-out tests that were performed to characterize the bond behaviour. Finally, the last part is devoted
to the modelling of the interfacial behaviour using a bond-slip analytical model.

! CEREMA, Direction Territoriale Nord-Picardie, France, arnaud.rolland@cerema.fr
2 LUNAM Université, IFSTTAR, France, sylvain.chataigner@ifsttar.fr
® Université Paris-Est, IFSTTAR, France, karim.benzarti@ifsttar.fr



Figure 1: Pictures of the studied reinforcing bars.
Material properties at ambient temperature

Braided AFRP rebars are produced by a specific manufacturing process: braided aramid ropes are first
impregnated in an epoxy bath before being stretched and cured in a continuous production line.
Produced rebars are non-corrosive, non-magnetic and non-conductive.

Microscopic observations

Some microscopic observations were carried out in order to get a thorough understanding of the
structure of the rebar and to investigate the presence of defects such as voids for instance. Some
pictures showing the fiber arrangement are presented in Figure 2. The rebar is composed of four
braided bundles of aramid fibers having diameters ranging from 15 to 18 micrometers, and twisted
around a central nylon wire. No inclusions and no voids could be detected, suggesting a good quality of
the manufactured products. For the reinforcement of concrete structures, Fibex® Company produces
also sand-coated AFRP rebars specially designed to offer efficient bond performances with the
surrounding concrete.

Figure 2: Microscopic observations of the cross-section of the studied rebar.

Tensile tests

For the purpose of tensile testing, a specific anchorage system was developed in accordance with (ACI,
2004). 20 cm long steel tubes were sealed with cement based grouting mortar at the gripping ends of
the rebars (see Figure 3). This anchorage made it possible to systematically obtain tensile failures in the
middle part of the tested rebars, as depicted in Figure 3. Tests were performed on AFRP rebars of
diameter 11 mm, with a free length of 600 mm between the 2 anchorages. A mean tensile capacity of
106 kN was found, based on a series of three tests, corresponding to a mean tensile strength of 1120
MPa. The rebars exhibited an elastic and brittle behaviour, with a mean elastic modulus of 72 GPa.



Figure 3: Failure mode after a tensile test.

Glass transition temperature

Analyses were carried out by Differential Scanning Calorimetry (DSC), in order to assess the glass
transition temperature (T;) of the epoxy matrix according to (ASTM, 2008). Moreover, for security
purpose it is important to check that T, is much higher than the expected ultimate service temperature
of the rebar embedded in the reinforced structure. Three determinations were done on small samples
of plain rebars weighing 4-5 mg, placed in aluminium pans and analyzed using a TA Instruments® DSC
Q100 calorimeter. Specimens were heated using a modulated ramp of temperature from 0 to 200 °C, at
a heating rate of 1.5 °C/min, with a modulation period of 60 s and an amplitude of 0.239°C. A T, value of
71.6 °C = 2.1 °C was obtained by this method. An example of thermogram is illustrated in Figure 4. It is
important to note that the T, may vary depending on the curing cycle adopted for the rebar.

-0.040

-0.045 4 72.49°C(H)

Rev Heat Flow (W/g)

-0.050

-0.055 T T T
0 50 100 150 200

Exo Up Temperature (°C) Universal V4.0C TA Instruments
Figure 4: Example of thermogram provided by DSC experiments.

Thermal expansion

A major advantage of steel in the framework of civil engineering applications is certainly the fact that it
has a thermal expansion close to that of concrete. This is not always the case for alternative materials,
and especially for composite rebars as shown by (Ceroni et al., 2006). Evaluation of the thermal
expansion of studied rebars was carried-out according to two different methods, in order to evaluate
the Coefficients of Thermal Expansion (CTE) in the longitudinal and transversal directions (with respect
to the fiber axis), as composite rebars are known to be orthotropic. Thermo Mechanical Analyses (TMA)
were first performed to assess the longitudinal CTE between 20 °C and 60 °C. The second method
involves the use of strain gages and of a climatic chamber. One gauge was bonded in the longitudinal
direction and another in the transverse direction. An additional strain gage was used to compensate the
expansion of the measurement system itself. A picture of the experimental setup is given in Figure 5.

Results of measurements are summarized in Table 1. A large dispersion is observed for the longitudinal
CTE values derived from TMA experiments. Moreover, the 2 methods provide very different values for



this longitudinal CTE. Nevertheless, results from the strain gage measurements are in agreement with
literature data for AFRP composite bars (Erki and Rizkalla, 1993; Ceroni et al., 2006). Additional
investigations are currently in progress to check the previous results, especially for the transversal CTE.

Figure. 5: AFRP rod sample monitored with strain gages for CTE measurements

Table 1: Experimental evaluation of the coefficients of thermal expansion.

Using TMA (3 tests) -17;-25; -42 ND

Using strain gages (1 test) | -9 84

Bond tests

In order to investigate the bond behaviour between the AFRP rebars and surrounding concrete, pull-out
tests were carried out.

Geometry and preparation of the pull-out specimens

The geometry of the test specimens is described in Figure 6. Two batches of concrete, named B1 and
B2, were used for the preparation of the pull-out samples. The compressive strength of concrete was
assessed on cylindrical specimens of diameter 160 mm and height 320 mm, providing values of R.; =
36.1 MPa and R, = 34.1 MPa for the 2 batches, respectively. Different series of pull-out specimens were
prepared, using steel bars (for control samples), plain and sand-coated AFRP rebars of various
diameters. The adopted embedded length was six times the rebar diameter d for all test series (see Fig.
6). The objective was to investigate the effects of the diameter and the sand-coating on the bond
properties between AFRP rods and concrete, and to make a comparison with traditional steel rebars.

I Sample
6dy ||
o Plastic tube
S Support
‘/
/ Rebar

Figure 6: Picture of the preparation procedure and scheme of the pull-out specimens.



Test procedure

Tests were carried-out on a 350kN tensile testing machine. A tendon and specific grips allowed the
application of the force to the rebar. The concrete block is supported by a steel beam drilled in the
middle, so that the rebar can pass through it. The displacement at the free end of the sample is
measured during the test (Figure 7) and the displacement rate is set constant at 1.3 mm/min, as
recommended in (ACI, 2004).

I’A— ——  Displacement
sensor

«—— Concrete

f =~/ :-‘Hinge

i “Rebar

— Grip

-

_——— Tendon

Yo ——Jack

Figure 7: Scheme of the pull-out test and picture of the testing machine.

Results

The measured ultimate capacities are listed in Table 2. Average shear stress versus displacement curves
are illustrated in Figure 9 for tests performed on specimens with steel, plain and sand-coated AFRP bars
of various diameters. Three samples were tested for each diameter of AFRP rebars and two for steel
rebars. In Table 2, the bond strength refers to the maximum value of the average bond stress, where
the failure occurs. The bond stress is calculated as the ratio between the applied force and the
embedded area of the bar.

It is interesting to note that only a small difference is found between specimens with steel and AFRP
rebars, as far as the two smaller rebar diameters are considered. However, a large difference is noticed
for the larger diameter. Besides, the sand-coating does not notably modify the ultimate pull-out
capacity but alters the initial interfacial stiffness in the elastic domain. In the case of composite rebars, it
can be observed that the bond strength decreases as the rebar diameter increases. Some pictures of the
failure modes are given in Figure 8. In the case of the steel rebars, failure occurs within concrete, thus
creating a sliding plane around the bar. In the case of AFRP rebars, it seems to occur in the rebar close
to the interface for both sand-coated and plain samples. Similar results were found in the literature,
suggesting that the pull out test is suitable and reproducible for bond characterization of composite
rebars in concrete (Okamoto et al., 1988).

Figure 8: Typical failure modes observed after pull-out tests.



Table 2: Results of the pull-out tests.

Type of rebar Diameter Concrete Average Standard Average

(mm) batch ultimate deviation ultimate

capacity (kN)  (kN) shear stress
(MPa)

Steel 8 B1 18.50 1.43 15.33

12 B2 38.35 4.35 14.13

16 B2 93.10 4.77 19.29
Aramid 9 B1 20.31 0.39 13.30

11 B1 38.95 1.58 17.08

15 B2 49.53 0.47 11.68

9 Bl 20.90 0.21 13.69
sand-coated |4, B1 24.55 3.14 10.76
aramid

15 B2 53.71 2.35 12.66
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Figure 9: Examples of average bond stress versus displacement curves for : (a) Steel rebar of diameter 8mm,
plain and sand-coated AFRP rebar of diameter 9mm, and (b) sand-coated AFRP rebars of various diameters (9
mm, 11 mm, and 15 mm).

Modeling

This part deals with the presentation of a novel analytical modelling of the bond behaviour between
AFRP rebars and concrete. The model is formulated as a bond-slip law t(s), with t the interfacial shear
stress (in MPa) and s the relative slip (in mm), and can be further implemented in finite element codes,
using cohesive zone models, to simulate the behavior of reinforced concrete structures.

Analytical law

Some analytical models have already been proposed in literature, and the most cited are BEP
(Eligehausen et al., 1982) and CMR (Cosenza et al., 1997) models. Typical responses associated to these
models are presented in Figure 10. The response for a monotonic pull-out loading consists in a first
nonlinear ascending branch until the ultimate shear stress t;, followed by a linear decreasing branch (an



additional plateau is proposed in BEP model), until a residual constant shear stress 1;. The expression of

p \B
S _s
the ascending branch proposed by BEP is 7 = r{—j , Whereas CMR expressionis 7 =7,/ 1—e S
S1
T T
7 @ T ®)
T3 TS
S1 S, S, s S, S5 S

Figure 10: Typical responses of (a) the BEP model and (b) the CMR model.

Both expressions lead to an infinite slope at the origin point (s = 0). For this reason, their
implementation into a finite element model is not recommended (infinite initial stiffness). Thus, we
propose the following expression of the analytical bond-slip law Tpogel(S):

Toi v0<s<s,
SO
Trodel (S) = 7, + (7, —To)(1+éj 1—% VS, <S<S; (1)
S1— S
Z'w-i-(‘t'l—’l'w); Vs >s,
145 3"%
Sl

The typical bond-slip response associated with the proposed model is represented in Figure 11. The
response for a monotonic pull-out loading consists of a first linear ascending branch of finite slope K7 =
7,/ s, followed for slip values above s, by a nonlinear branch (hyperbolic type) up to the value t; when
the slip is equal to s;, and finally a third descending branch (also of the hyperbolic type), with a
horizontal asymptote of value t... The two parameters a and 8 respectively govern the curvatures of the
two hyperbolic ascending and descending branches.

dt

. model (S = 0) = KT

ds

Figure 11: Bond-slip law 7. (S) of the proposed model.

model



Parameter identification method

The proposed model (Eg. 1) is governed by seven parameters sy, Ty, S1, Tz, T, &, and 8. The objective of
this part is to identify all these parameters from experimental pull-out data (s;, B;) for 1<i<n, n being the
number of measurement points.
The identification procedure is divided into three successive steps:
(1) For each experimental curve, the value of t; is determined by the value of the maximum shear
strength obtained during the test, and the value s; is set as the corresponding slip value.
(2) The five other parameters are combined in a vector 8: & = [s, Ty Tp T @ B8]". The optimum value
of ¥ is determined according to the least squares method, by minimizing the following
discrepancy A(39):

MO = (5~ Ty (5, 0 @)

(3) The minimization of A(9) is performed using the BFGS Quasi-Newton iterative method
(Broyden, 1970), using the Leastsq® algorithm in the Scilab® environment. Initial values of the
parameters to be optimized were set to Spp = 51/2, Tpp = Tep = Tz, and a = 8 = 1. The iterations
stop when the norm of the gradient of A(3) becomes less than 10°®.

Results

The method has been computed, based on experimental results obtained from tests performed on two
sand-coated AFRP rebars of diameter 9 mm and two steel rebars of diameter 8 mm, due to their good
representativeness.

Results of the parameter identification procedure are summarized in Table 3. Both experimental and
theoretical bond-slip curves are drawn in Figure 12 for the steel rebars and in Figure 13 for the sand-
coated AFRP ones. A good agreement can be noticed between the analytical and experimental curves.

In a further study, the next step will consist in identifying the parameters on a larger set of experimental
results. The identified bond-slip law will then be implemented in a finite element code, using cohesive
zone models elements, to simulate the behavior of reinforced concrete structures, taking into account
the interfacial phenomenon. This has been done in the framework of a PhD study (Rolland, 2015).

Table 3. Identified parameters of the model

Diameter s, (mm) 7, (MPa) s;(mm) T. (MPa) «

(mm)
Sand-coated 9 0.015 7.96 0.19 13.81 11.00 15.50 0.19
aramid rebar 1
Sand-coated 9 0.011 6.21 0.36 13.53 11.83 25.12 0.39
aramid rebar 2
Steel rebar 1 8 0.037 6.17 1.01 16.78 -6.31 3.71 0.17
Steel rebar 2 8 0.016 7.02 1.12 16.50 -0.39 5.35 0.36
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Figure 12: Experimental and identified bond-slip behaviour laws for pull-out specimens with 8 mm steel rebars
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Figure 13: Experimental and identified bond-slip behaviour laws for pull-out specimens with 9 mm sand-coated
aramid rebars.

Conclusions

The proposed investigations aimed at studying AFRP composite rebars used as internal reinforcement in
concrete structures, with an emphasis on the bond behavior between these bars and concrete. Tests
were first conducted on the rebars alone in order to characterize their microstructure and their
mechanical properties, and to check the quality of the manufacturing process as well. It made it possible
to assess the maximum service temperature of such rebars in concrete, which is directly related the
glass transition temperature of the epoxy matrix. Preliminary investigations were also made regarding
the determination of the coefficient of thermal expansion, but further work is needed since large
dispersions were observed on experimental results.

Pull-out tests were conducted to check the adequacy of the experimental method. Results were found
consistent with those of previous studies from the literature, suggesting an adequate preparation of the
test specimens and a proper implementation of the test characterizations. Then, a modeling approach
of the pull-out test has been presented. The experimental bond-slip behavior was satisfactorily
simulated by an analytical bond-slip law model, whose parameters where identified using the least
squares method. Besides, this identified bond-slip law could be implemented in a finite element code,
taking into account the interfacial phenomenon between rebars and concrete. Such a code will be
helpful to improve the design of concrete structures reinforced by AFRP rebars.
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Thermo-mechanical behaviour of GFRP reinforced thin concrete panels

Andreas Schmitt?, Valter Carvelli?, Matthias Pahn?

Introduction

The possibility in replacing steel rebars with GFRP (Glass Fibre Reinforced Polymer) rebars in reinforced
concrete is increasingly investigated in the last decades [1]. Researches available in the literature are
dedicated mainly to FRP reinforced concrete members with bearing function ([2], [3]). But in construction
engineering several low bearing function concrete components have a relevant importance. In particular,
very thin concrete elements are adopted like facade panels or slabs for pavements [4]. In spite of the
interest in constructions industry on low bearing function FRP reinforced concrete members, their
durability and in particular their thermo-mechanical behaviour is not deeply known and investigated. The
latter is very important in external cladding of buildings or in pavements exposed to irradiation in very
warm climates.

The present experimental investigation deals with the behaviour of thin concrete panels reinforced with
GFRP rebars exposed to increasing temperature and bending loading [5]. The considered thin panels
(thickness of 4 cm) are typical for low bearing function concrete layers in fagade claddings. The influence
of two aspects is studied: the concrete cover and the external surface of rebars. The adopted heating
condition allows to have the temperature of the internal GFRP rebars almost at the level of the transition
temperature of the resin. This does not match to a real fire exposure, but represents an extreme heating
condition of low bearing panels.

Materials and GFRP reinforced thin concrete panels

Reinforced concrete thin panels of 170 x 40 x 4 cm are considered (Figure 1) fitting the available heating
device [5]. Two concrete covers (5 and 10 mm) are considered and two GFRP unidirectional E-glass rebars
(Schock ComBAR® and FiReP® Rebar P), in the following B1 and B2, respectively. The panels do not have
shear reinforcement. The pultruded GFRP rebars ComBAR® has external ribbed surface, cut into the bar
after curing (Figure 2a), while the external surface of FiReP® Rebar P has a wave shaped thread profile
(Figure 2b). For both rebars, vinyl ester resins are adopted with glass transition temperature of about
180°C, according to the producers. The nominal diameter of the rebars is 8 mm.

The mix for concrete has compressive cubic strength of 61.89 MPa and compressive elastic modulus of
28 GPa. The tensile strength is 3.5 MPa.
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Figure 1. Reinforcement layout.

Figure 2. Rebars external surface: (a) Schock ComBAR®; (b) FiReP® Rebar P.

Experimental procedure

The response of GFRP reinforced concrete panels is investigated with two consecutive experimental
phases [5]: the first consists of the application of a bending constant load and then heating, while in the
second the post-heating mechanical response under bending loading was measured up to failure at room
temperature.

supports

Figure 3. Test set-up of the first experimental phase.
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Figure 4. Representative diagram temperature vs. time of specimen reinforced with Schéck CoOmBAR,
5 mm concrete cover.

In the first phase, initially a quasi-static four-points bending loading with supports span of L=140 cm and
loads span of 50 cm is imposed and then heating with increasing temperature on the full bottom surface.
The loading is applied quasi-statically up to the maximum resultant of 3.6 kN, estimated, by ACI-440, in
the range of the theoretical concrete first cracking, supposed to start at about 2.6 kN. Once the maximum
load is reached, it remained constant for the heating time. The heating on the bottom surface of the
sample is applied by the device in Figure 3. The temperature on the bottom and top surface of the
specimen is continuously measured by two thermocouples (TC-B and TC-T) in the mid span at 5 cm from
one longitudinal side. After the application of the load, the temperature on the bottom surface of the
specimen is increased from the room temperature (25 °C) to the maximum considered of 210 °C and
maintained nearly constant for about 65 min (Figure 4). The maximum imposed temperature is not as in
some real applications of thin concrete panels (e.g. on fagcade panels the temperature could be below
100°C in very warm latitudes). It was considered to investigate the thermo-mechanic behaviour under an
extreme condition. Moreover, the maximum temperature of 210 °C was imposed to have at the rebars
level a temperature close to the glass transition temperature of the adopted resins (Tg = 180 °C). The
diagrams in Figure 4 show two representative evolutions in time of the temperature recorded on the
bottom and top surface of specimen. The maximum recorded temperature on the top surface was about
120 °C, after 65 min of exposition. Assuming a linear distribution of the temperature in the thickness (this
is reasonable for the considered small thickness) at the bar level the temperature should be about 189°C
and 178°Cfor 5 and 10 mm cover, respectively. During loading and heating, the deflection of the specimen
is measured by three transducers (LVDT), one in the mid span and two 35 cm beside both supports (see
Figure 3). They are placed on the top surface, 5 cm from the opposite longitudinal side of the
thermocouples.

In the second experimental phase, the samples were quasi-statically loaded using the same four-points
bending scheme at room temperature. This allowed to estimate the mechanical behaviour of the panels
after the thermo-mechanical conditioning.

Results

The first experimental phase provides the evolution of the displacement in Figure 5. The measurements
of the three LVDTs, on specimens reinforced with ComBAR (see Figure 5), show the contribution of three
steps (Figure 4) on the global deformation, namely: mechanical loading up to the considered maximum
load; heating up to the maximum considered temperature (210 °C); maintaining the temperature
constant on the bottom surface for 65 min. The contributions on the mid span displacement of the three
thermo-mechanical steps are compared in Figure 6. On one hand, the smaller concrete cover gives the
lower maximum deflection for both rebars. On the other, the influence of the rebar external surface is



visible, the reinforcement with ComBAR rebars shows a lower mid span displacement for both concrete
covers in each step.

The thermo-mechanical loading of the first phase develops the cracks pattern on the bottom surface of
the panels detailed in Figure 7, where the longer cracks are highlighted. The main distribution of the
cracks is, as expected, in the central part of the panels between the two positions of the load application
where the constant maximum bending moment is generated. The panels with different rebars and the
same concrete cover do not have considerable differences in the crack patterns.
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Figure 5. Representative diagrams LVDTs displacement vs. time of specimens reinforced with Schock
ComBAR for (a) 5 mm and (b) 10 mm concrete cover. ‘cc’ means concrete cover.
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(d)

Figure 7. Cracks pattern after unloading and cooling. Specimens reinforced with: (a, b) Schock
ComBAR; (c, d) FiReP Rebar P. (a, c) 5 mm and (b, d) 10 mm concrete cover.

The influence of combining mechanical load and elevated temperature on the mechanical response of
the panels is measured in the second experimental phase with four points bending tests at room
temperature up to failure (Figure 8). The global response of the panels is detailed in Figure 9a. The post-
heating load vs. mid span deflection curves show a similar behaviour of the panels with the same concrete
cover. The only relevant difference is on the failure load of the panels with 5 mm cover. The panels with
ComBAR have a maximum load almost 30% higher than those with FiReP rebars. This is probably
connected to their external surfaces leading to different adhesion failure mechanisms, more evident with
the lower concrete cover.

The variation of the pre- and post-heating mechanical behaviour is detailed comparing the stiffness of the
panel. The initial stiffness is defined as the slope of the segment passing through load 0 and 3.6 kN (Figure
9a). The degradation of the initial stiffness (Figure 9b), due to loading and heating, is higher for concrete
cover 10 mm than 5 mm for both rebars. Moreover, the panels reinforced with FiReP rebars have a lower
initial stiffness with concrete cover of 5 mm, while those with concrete cover of 10 mm have almost the
same stiffness. The latter depends on the position of the bars and the involvement of the concrete on the
bottom of the panel in sustaining the tensile stress.

All specimens have failure of the concrete in compression (see the typical failure mode in Figure 10). The
bars are not extensively damaged and not broken. Extracting some rebars from the specimens after
failure, they show still a good adhesion with concrete and an external surface not apparently modified by
the elevated temperature (see Figure 11 for rebars in panels with 5 mm concrete cover).

Figure 8. Post-heating four points bending test at room temperature.
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Figure 9. Post-heating bending. (a) Load vs. LVDT mid span displacement. (b) Average initial stiffness
of the panels. B1 and B2 indicate Schock ComBAR and FiReP Rebar P, respectively. ‘cc’ means
concrete cover.

Figure 10. Post-heating bending. Typical failure mode of the panels.

(b)

Figure 11. Post-heating bending. Rebars after failure of the panels with 5 cm concrete cover: (a)
Schock ComBAR and (b) FiReP Rebar P.

Conclusions

The experimental research is focused on understanding the thermo-mechanical response of thin concrete
panels reinforced with GFRP rebars. The considered panels have 4 cm thickness and are typically adopted
as low bearing function concrete components (e.g. facade panels or slabs for pavements). The main
results of the research (extensively discussed in [5]) highlight, as consequence of the loading and heating
with maximum temperature of 210 °C: the influence of the external surface of the GFRP rebars on the
bending response of the panels; the considerable residual deflection of the panels after heating and
complete cooling; the reduction of the initial global stiffness; the negligible degradation of the GFRP
reinforcement and of its adhesion to concrete.
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Experimental results on FRP RC members exposed to fire

Antonio Bilotta !, Emidio Nigro 2

Fiber-reinforced polymer (FRP) materials have several important characteristics, such as high strength-
to-weight ratios and resistance to corrosion, which are advantageous in the construction field. Recent
progress in research and technology of FRPs have led to reduced material costs and increased confidence
in the use of polymers for a variety of civil engineering applications, as testified by many examples
worldwide.

Recent studies carried out at by Keller et al. (2005,2006) and Correia et al. (2010) on the fire response of
GFRP pultruded profiles showed that FRP profiles can be used also in fire situation. On the other hand,
several building codes (CAN/CSA 806-02, 2002; ACI 440.1R-04, 2003; CNR- DT203, 2006) are now available
for the design of concrete structures reinforced with fiber reinforced polymer (FRP) bars in place of
traditional steel reinforcement, even if few provisionsand no calculation model have been suggested that
take account of fire conditions. Only the Canadian code (CAN/CSA 806-02, 2002) provides a design
procedure in fire situations based onthe results of a parametric study conducted by Kodur and Baingo
(1998). They found that the fire resistance of FRP-reinforced concrete slabs mainly depends on (a) the
critical temperature of FRP reinforcement, (b) the thickness of the concrete cover, and (c) the type of
aggregate in the concrete mix. They then provided different design abacuses which allow evaluation of
the minimum concrete cover required to maintain the bars’ temperatures within acceptable limits
depending on the critical temperatures of the FRP reinforcement. Nevertheless, the critical temperature
of FRP bars remains unknown for most currently available FRP-reinforcing products. Consequently,
employment of FRP-reinforced concrete (FRP-RC) is limited mainly to applications where fire resistance
aspects are not particularly relevant. Thus performance of these materials in fire situations must be
evaluated in order to improve confidence in the use of FRP-RC members in multi-story buildings, parking
garages, and industrial structures.

On this point, the literature provides a broad state of the art on the behavior in fire events of concrete
structures reinforced or strengthened with FRPs (Bisby et al., 2005) and some results of failure tests
performed on FRP-reinforced concrete members working in flexure that were exposed to conventional
fire conditions (Blontrock et al., 1999; Sakashita, 2007; Saafi, 2001; Tanano et al., 1999; Weber, 2008).

Kodur et al. (2005) showed that higher fire resistance for FRP—RC slabs can be obtained by using larger
concrete cover thickness and through the use of carbonate aggregate concrete. Moreover, they pointed
out that it is necessary to consider the effects of two important factors on the fire endurance of RC slabs,
namely the applied load and the reinforcement bond degradation.

Weber (2008) pointed out the importance of distinguishing between two different limit temperatures:
one related to the deterioration of the bond strength and one related to the decrease of the tensile
strength in the bars. Indeed, bond test results showed that bond strength between FRP and concrete
decreases substantially when the glass transition temperature (Tg = 180°C) was attained. Moreover, the
results of tensile tests at 400°C - 500°C showed a bar strength reduction ranging between 30% and 80%.

Finally, a full-scale test, performed according to DIN EN 1363 (2001) on a concrete slab reinforced with
the same GFRP bars, highlighted that failure after 90 minutes of fire exposure was not attained due to
the rupture of the bars. Indeed, the longitudinal bars were all lap spliced in the middle of the slab and
failure was attained due to the loss of bonding between bars and concrete in the midspan of the slab.
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Abassi et al. (2006) performed fire tests on concrete beams reinforced with GFRP bars with a concrete
cover of about 70mm; the tests showed that beams can attain fire endurance for longer than 90 min.
Therefore a minimum concrete cover of 70mm was recommended for design of GFRP RC beams under
fire conditions. The value suggested is non-standard and particularly high with respect to both those
required for corrosion control of steel-RC beams and those adopted for FRP-RC members. Such a
suggestion does not seem to be suitable from a practical and economic point of view, even if encouraging
results seem to depend on the large value of the concrete cover. Therefore, further experimental tests
are required to improve knowledge of the structural response of FRP-reinforced concrete members in fire
conditions.

In Nigro et al. (2011a,b,c,) fire tests on nine concrete slabs are showed. The slabs are reinforced with glass
fiber reinforced polymer (GFRP) bars characterized by different values of concrete cover and anchorage
length. They were exposed to heat in a furnace according to the time-temperature curve of 1SO834
providedin (EN 1363-1, 2001). Tests were performed to evaluate their resistance and deformability in fire
situations by varying (a) external loads in the range of the service loads,

(b) concrete cover in the range of usual values and (c) bar anchorage lengths and shape at the end of the
concrete members, namely in the zone not directly exposed to fire. It is worth noting that that in concrete
structures zones of this type, not directly exposed to fire, are often represented by mutual connections
between members.

Experimental results showed that the use of FRP as internal reinforcement of concrete members seems
possible also for constructions in which safety in case of fire is a key requirement.

It was pointed out that:

- higher fire resistance can be obtained by using larger concrete cover thickness; bar temperatures
largely depend on the concrete cover, whereas fire endurance depends on fiberstrength at high
temperatures and hence may depend on fiber type;

- the type of aggregate used for concrete can modify fire strength, both due to different conductivities
and sensitivity to spalling;

- the stress level in FRP particularly affects fire endurance whatever the failure mechanism is (namely
the loss of bonding or attainment of the limit strength of the bars);

- the use of overlapping bars in the zone exposed to fire can lead to premature failure of the concrete
member. Indeed, deterioration of bond strength (i.e. when FRP bars temperature exceed glass
transition temperature, Tg) in the fire-exposed zone can be attained before the decrease in the tensile
strength in the bars. Therefore, in order to avoid this premature failure, continuous reinforcement
should be used in the zone of the concrete element directly exposed to fire, except if particular
reinforcement profiling are adopted (Carvelli et al. 2013);

- failure due to rupture of the fibers (i.e. in the middle of the member), for simply supported members,
is attained only when continuous bottom reinforcement is used in the zone of concrete element
directly exposed to fire and the FRP bars are well anchored at the end zones not directly exposed;
these zones allow suitable anchorage of bars at the ends once Tg has been reached in the fire-exposed
zone of the slab and resin softening reduces adhesion at the FRP-concrete interface;

- the length of this zone not directly exposed to fire required for anchoring straight bars can be reduced
if the bars are bent at the end.
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Theoretical models for FRP RC members exposed to fire

Antonio Bilotta !, Emidio Nigro 2

The vulnerability of organic polymers to high temperatures is probably the biggest drawback for the fiber-
reinforced polymer (FRP) bars. Although many examples of FRP reinforced concrete (RC) structures are
available worldwide, they are often structures for which fire is not a significant design condition. Though
fire is an event that cannot be ignored for many civil structures, as well as parking lots and industrial
structures, many international codes generally provide suggestions for design in normal temperature
conditions of concrete structures reinforced with (FRP) bars in place of traditional steel reinforcement
(CNR-DT 203/2006, 2006; CSA S806-02, 2002; ACI 440.1R-06, 2006; fib Task Group 9.3, 2007) However,
few provisions and no calculation models are suggested that take account of fire conditions.

Among the standards listed above, the ACI Technical Guide (ACI 440.1R-04) directly recommends that FRP
reinforcement should not be used in cases where fire resistance is an essential requirement. On the other
hand, the Canadian guide (CAN/CSA-5806-02, 2002) provides specific design requirements with regard to
the effects of high temperatures on concrete slabs reinforced with FRP bars. A series of nomograms are
provided to estimate the concrete cover necessary to maintain the temperature in the FRP bars within an
acceptable limit defined as “critical temperature” (i.e. the temperature of FRP reinforcement at which
slab collapse under service loads in fire conditions is expected). However, the method can be applied only
if the critical temperature is known.

Abundance of codes on FRP, yet insufficient guidance on FRP under fire conditions, clearly reflects that
FRP is a high-performance material but shows complicated behavior in case of fire and that, due to the
diversity of the application opportunities in civil engineering, no simple code can be written although
considerable research has been performed in recent years. Indeed, better understanding about thermo-
chemical, thermo-physical and thermo-mechanical processes is undoubtedly available (Bai et al. 2007).
Hence the models show an increasing degree of complexity which may be desirable and appropriate for
many FRP applications (e.g. railway applications or usage in the nautical and aeronautical field).
Nevertheless, the models are not comprehensive enough to examine reliably effects like spalling, crack
formation, debonding, etc., that are typical of RC structures.

Therefore, fire safety engineers active in the field of structural design have called for easy-to-use
calculation procedures, which are reliable within defined application areas, including FRP-RC structures
design. Indeed, there is no doubt that the designer is more confident in the design of structures with FRP
if there are clear guidelines.

Deterioration of the mechanical properties of FRP (especially strength and Young’s modulus), as well as
the bond properties, starts when temperatures close to the glass transition temperature, Tg, are reached
(Palmieri et al. 2012). The value of Tg for the products provided by major FRP manufacturers currently
ranges between 70°C and 175°C (Bootle et al. 2001), depending on the type of resin. Only a very
substantial increase in Tg (more than 500°C) is compatible with temperatures that can be reached during
a fire. On the other hand, it is worth noting that deterioration of mechanical and bond properties depends
on fiber type, surface treatment type and, above all, the temperature attained in FRP (Palmieri et al.
2013).

It is clear that temperatures in FRP can be greatly reduced when bars embedded in concrete are used,
thanks to low thermal conductivity of the latter. Therefore, performance of FRP-RC members in fire can
be much better than other FRP structural members (namely pultruded structural profiles), even if no
particular fire protection system is used (e.g. passive protection systems, consisting of normal coatings or
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special insulating materials or active protection systems, Correia et al. 2010), because concrete
intrinsically provides reliable protection for the bar.

On FRP-RC structures, the literature provides a wide-ranging state of the art on the fire-exposed behavior
of concrete structures reinforced or strengthened with FRP (Bisby et al., 2005) and some results of flexure
tests performed on FRP-RC members exposed to conventional fire conditions (Blontrock et al., 1999;
Sakashita, 1997; Saafi, 2001; Tanano et al., 1999; Weber, 2008; Kodur et al., 2005, Nigro et al. 2011a,b,c).
Although further theoretical and experimental studies are required, experimental results to date show
that the use of FRP as internal reinforcement of concrete members seems possible also for constructions
in which safety in case of fire is a key requirement. Key aspects of on-going research entailed experimental
work and theoretical analysis to develop empirical mechanical models and simplified methods for the
evaluation of load-bearing capacity in case of fire. Suggestions for guidelines are showed in (Nigro et al.,
2014). Even if some simplifications were assumed with respect to more advanced check procedures
developing in fire safety engineering, experimental and theoretical results comply with the fire analysis
conducted for single members, currently available in the major design codes.

Based on these results, technical suggestions for the drafting of guidelines regarding the design of
concrete members reinforced with FRP bars subject to fire were provided. The desigh methodology takes
into account the possibility of decoupling thermal and mechanical analyses, in compliance with the
provisions of Eurocodes. This holds for members subject to sagging and hogging bending, namely both
beams and slabs. Moreover, for slabs simplified methods validated on experimental test results recalled
in the paper were proposed for thermal and mechanical analyses.

Clearly, further research developments should be devoted to determining (a) the effects of structural
continuity, with membrane effect and possible bending moment redistribution during fire exposure, and
(b) shear strength of concrete members reinforced with FRP bars in fire situations.
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Thermo-mechanical response of GFRP reinforced concrete sandwich panels

A. Schmitt?, M. Haffke?, V. Carvelli}, M. Pahn*

Introduction

The present experimental investigation aims to give a contribution focused on the examination of the
residual mechanical performance of steel free sandwich panels. It continues the investigation of the
authors detailed in Schmitt et al. (2015), in which the attention was focused on the thermo-mechanical
behaviour of thin panels reinforced with GFRP bars, considering the influence of the concrete cover and
the external surface of rebars. In the present paper, sandwich panels with two thin GFRP reinforced
concrete layers were exposed to increasing temperature and bending loading. The heating condition
allowed to reach on the bottom internal GFRP rebars temperatures higher than the glass transition
temperature. This does not simulate a real fire exposure, but it is an extreme heating condition for low
bearing sandwich panels. The consequences of the thermo-mechanical loading were assessed measuring
the variation of the deformability and of the load carrying capacity of the panels with pre- and post-
heating bending tests.

Materials and Samples

The geometry of the sandwich panels is detailed in Figure 1. The two concrete layers of thickness 4 cm
were reinforced with E-glass fibres reinforced polymer (GFRP) bars. Concrete cover of 10 mm was
adopted for the GFRP rebars, named commercially Schock ComBAR®. The configuration of the
reinforcement consists of longitudinal and transverse rebars of nominal diameter 8 mm. In between the
two concrete layers, a 6 cm expanded polystyrene insulation layer (typical for facades, named
commercially Joma EPS 040 WDV) was placed to reproduce a sandwich panel adopted as external
cladding. Point-shaped GFRP connectors of diameter 12 mm were used to link the three layers. They had
the same shape of the external surface of the reinforcement, as in Figure 1.
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Figure 1: Specimen geometry and reinforcement

The number of tests is summarized in Table 1. The GFRP rebars were produced by pultrusion technique
using vinyl ester resin with glass transition temperature (Tg) of about 180 °C, according to the producer.
The main mechanical properties in the longitudinal direction of the rebars are the tensile strength of =
1000 MPa and the elastic modulus of = 60 GPa. During casting, some specimens were prepared to
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measure the average mechanical properties of concrete: compressive cubic strength 49.9 MPa,
compressive elastic modulus 23.4 GPa and tensile strength 3.1 MPa.

Experimental Set-up

First phase: pre-heating mechanical response

Two panels were loaded to have the reference mechanical behaviour before heating. During loading, the
deflection of the specimen was measured by five transducers (LVDT), one in the mid span, two 35 cm
beside both supports and two at the supports position (see Figure 2).
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Figure 2 Test set-up and external instruments position of first and third phase

Second phase: thermo-mechanical loading

In the second phase, quasi-static four-points bending loading was first imposed with same scheme as in
the first phase. At the maximum imposed load, the heating device started increasing the temperature on
the full bottom surface of the specimen, which was exposed for the time listed in Table 1. The heating on
the bottom surface of the samples was applied by the device in Figure 3a. The temperature was controlled
by a thermocouple in the centre of the device.

Table 1 Numbering of samples and some heating features

Panel ID Heating rate [°C/min] Heating time [min] Exposition time [min]
Pre-heating loading land?2 - -
. 3 20 16 60
Heating and
. ) 4 50 6.4 60
Post-heating loading
5 20 20 80
Section B-B thermocouple on the bottom of the central bar
. 10
ct ~TCT ¢ |
. . 20 . .
10
[ 15 | 70 cm | 70 cm | 15 |
F T T T

" (b)

Figure 3 Heating device (a); Test set-up and external instruments position of second phase (b)

The temperature on the bottom and top surface of the specimen was measured by two thermocouples
TC-B and TC-T. Moreover, one thermocouple (TC-1) was placed mid-span on the central rebar to monitor
the internal temperature at the bar level (see Figure 3b). After the application of the loading, the
temperature inside the device was increased to the maximum of almost 320 °C for panel 3 and 4 and
almost 400 °C for panel 5, with different heating rates. When the temperature in the centre of the device
reached the desired maximum, it was maintained constant until the end of the heating phase. The heating
phase was about 60 min for panels 3 and 4 and 80 min for panel 5. The maximum temperature was
imposed to reach at the rebars level a temperature higher than the glass transition temperature.

Third phase: post-heating mechanical response




In the third experimental phase, after complete cooling, the specimens were quasi-statically loaded using
the same four-points bending setup and procedure of the pre-heating tests (see Figure 2) at room
temperature. This allowed comparing the pre and post mechanical behaviour of the panels.

Results and discussion

First phase: pre-heating mechanical response

The load vs. mid span deflection curves (Figure 4a) show a very similar behaviour of panel 1 and 2. The
two branches shape is quite similar to those recorded for the same load condition of sandwich panels
with different reinforcements (Schmitt et al. 2014). An initial branch with the maximum stiffness of the
panel up to a load level (19 kN), for which the propagation and diffusion of cracking generate a high
decrease of stiffness, in the second branch, leading to failure. Looking more in detail the first branch of
the two curves in the low range of load, they can be considered linear up to a load level of almost 4 kN
(Figure 4b), then the curves had a variation of slope meaning initiation of cracks. This was considered as
reference level for loading in the second phase. Both panels failed under compression of concrete (see
Figure 4c).
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Figure 4 Load vs. displacement: complete curves (a); curves in low range load (b); Failure mode (c)

Second phase: thermo-mechanical loading

In the second experimental phase, the bending loading was applied quasi-statically increasing the load in
almost 2 minutes up to the maximum resultant of 5 kN to impart an initial cracking before heating. The
maximum load was estimated assuming the results of the room temperature bending tests in the first
phase (see Figure 4b).
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Figure 5 Temperature vs. time of panels 3, 4 and 5 on the centre of top (TC-T) and bottom (TC-B) (a) and at mid
span on central bar (TC-1) (b); LVDTs displacement vs. time during heating of panel 5 (c)

The temperature on the bottom and top surface of the specimen was measured in the mid span (see
Figure 5a). During the exposition time, the temperature on the top was below 30°C, while on the bottom
had differences: panel 3 with the lowest heating rate and heating time had a maximum temperature of
225 C, panel 4 with the highest heating rate and the lowest heating time had a maximum temperature of
260 C and panel 5 with the lowest heating rate and the highest heating time a maximum temperature of
292 C was recorded. The diagram in Figure 5b shows the evolution in time of the temperature recorded
on the bottom rebar (TC-1). The protection of 1 cm concrete cover allowed to enable maximum
temperatures of the rebars in the range of 195+260 C. The temperature of the rebars after 40 to 50 min



was higher than the T; for almost 10, 20 and 30 min in panel 3, 4 and 5, respectively. When the
temperature at the bottom side of the insulation reached 90 C, the material underwent a continuous
degradation until the evaporation of a large portion of the insulation. The continuous recording of the
LVDTs provided the evolution of the displacement as illustrated in Figure 5c. In particular, the considered
heating rates and exposition times imparted different deformation of the panels. The global deformation
measured after the exposition phase does not seem dependent on the considered heating rates and
times, but is proportional to the maximum temperature imposed on the bottom surface. The mid-span
displacement after heating of panel 5 is 30 % higher than that of panel 3. The thermo-mechanical loading
imparted a crack pattern on the bottom surface of the panels. The main distribution of the cracks is
located in the central part of the panels with the constant maximum bending moment. Few longitudinal
cracks were observed, mainly in the external portions close to the supports.

Third phase: post-heating mechanical response

The global response of the panels is detailed in Figure 6a comparing the pre- and post-heating load vs.
mid span deflection curves. Panel 3, subjected to the lowest temperature, had a reduction of the
maximum load of about 8 %, while panel 4 and 5, which were heated with higher temperatures, had a
failure load 27 % and 30 % lower than the reference panels. This highlights that the reduction of the failure
load is not dependent on the considered heating rates and times, but mainly on the maximum
temperature recorded on the bottom surface. The influence of the thermo-mechanical exposition is also
measurable comparing the initial stiffness of the panels (see Figure 6b). The stiffness of the panel had a
reduction of 22 %, 52 % and 59 % for panel 3, 4 and 5, respectively. The comparison shows, that the higher
the applied maximum temperature, the higher is the reduction of the stiffness.
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Figure 6 Comparison of the pre- and post-heating bending load vs. mid span displacement (a); initial stiffness of
the panels (b); rebars in the mid span of the bottom concrete layer after failure in third phase (c)

Two reasons can be attributed to the discussed reduction of the mechanical properties. The first is the
damage imparted in the concrete layers during the thermo-mechanical loading. In fact, the rebars had,
after removing of concrete, the shape in Figure 6¢. They had still a good adhesion with concrete and their
external surface was not apparently modified by the elevated temperature. Therefore, the observed level
of the damage imparted could have only a marginal influence on the reduction of the mechanical features
of the panels. The second reason is the degradation and lack of large portion of the insulation after
heating. This is the main responsible of the significant reduction of the mechanical response of the panels.
Therefore, the structural role of the insulation (Schmitt et al. 2014; Miiller et al. 2012) in transferring the
shear forces between the concrete layers was completely lost.

Conclusions

The thermo-mechanical response of the considered concrete sandwich panels reinforced with GFRP
rebars provides the following understandings.

e The imposed thermo-mechanical exposition created some transversal and longitudinal cracks on the
bottom surface of the panels. The GFRP bars were not damaged, had still a good adhesion with
concrete and their external surface was not apparently modified.



o When the temperature of the expanded polystyrene was about 90 C, the insulation started melting
and the material had a continuous degradation until the evaporation of a large portion of the layer.

e The significant reduction of the mechanical properties (in terms of failure load and stiffness) was
mainly related to the degradation and lack of large portion of the insulation after heating. The
absence of insulation layer reduces the load transfer capacity from the top to the bottom concrete
layer.
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2.6 Novel
Structural Systems



Prefabricated thin-walled HPC structural elements prestressed with pultruded
carbon tendons (collaboration with company SACAC from Switzerland

G. P. Terrasi, head of laboratory for Mechanical Systems Engineering, Empa Switzerland

Why should the new combination of materials ‘CFRP prestressed HPC’' be beneficial for the
prefabrication of concrete elements? The following short paper will deal with slender beams which are
primarily subjected to bending and are manufactured in an adapted pre-tensioning method. In this
context it should be noted that an eminent reference (Burgoyne, 1997) discussing the fundamental
issue of making rational use of advanced composite reinforcements in concrete comes to the conclusion
that to be economic, advanced composites will have to be used for prestressing tendons (pre-tensioning
resin matrix bar or wire systems are a viable option), but not for passive reinforcement.

The CFRP prestressing reinforcement used in this work consists of fine, unidirectional carbon fibre-
reinforced wires with a diameter of 3 to 6 mm, typically produced using the pultrusion method with an
epoxy resin matrix. Unidirectional reinforced CFRP wires have high design tensile strengths around 2000
- 2500 MPa. The density of CFRP is 1.6 kg/m® which is just short of one fifth of the density of
prestressing steel. The wires are coated with quartz sand particles (mean diameter 0.5 mm) in order to
control bond to the high performance concrete. The quartz sand coating is bonded in-line following
pultrusion using the same epoxy resin used to impregnate the carbon fibres of the wire. Perhaps the
biggest advantage of CFRP wires as a prestressing reinforcement is their total immunity to corrosion in
practically all relevant media, even if subjected to high mechanical stresses. The complete absence of
any tendon stress-corrosion allows the concrete cover to be reduced to well below that necessary for
the protection of prestressing steel wires. The actual Swiss civil engineering standard SIA 262 (SIA,
2003), e.g., requires tendon covers between 40-55 mm depending on the environmental exposure class
defined when designing the structure. Hence the 5 mm diameter CFRP prestressing wires used in the
first high-voltage transmission pylons manufactured in 2000 (Figurel and Terrasi et al., 2001) have a
concrete cover of just 18 mm. The concrete cover size is determined on the basis of static
considerations (reception of the compressive stresses due to bending and of the bursting tensile
stresses in the anchorage zone of prestressing reinforcements) and of the mismatch in thermal
expansion coefficient between CFRP (transverse to fibre direction) and high-performance concrete
(Terrasi, 1998).

The extremely favourable fatigue properties and the absence of time-dependent mechanical prestress
losses (creep and relaxation) should not be underestimated (Terrasi, 1998). On top of the high tensile
strengths, the last mentioned properties lend this material outstanding properties for prestressing of
concrete elements.

It should be mentioned as well that the modest mechanical properties of unidirectional carbon-fibre
reinforced wires transverse to the fibre direction (in the range of 10% of the corresponding longitudinal
properties) must also be given careful consideration, e.g. in view of the anchorage of the prestressing
wires.

The high quality of quartz sand-coated CFRP wires and hence the cost which is still high (specific prices
around 0.05 € per kN tensile capacity) require high quality for the concrete matrix. HPC with a strength
in the range of class C100 is the appropriate matrix material for the carbon fibre reinforced polymer
prestressing reinforcement. HPC can be produced today in the prefabrication element plant with
suitable mixing equipment with a consistently high quality providing the production process is mastered
well and the personnel are suitably qualified. Typically, a very precisely batched fine-grain concrete
(mortar) is used with high strength aggregates. The cement content is around 450 kg/m?, micro silica
and high-performance plasticizer are essential components of these concretes which have a
water/cement factor of 0.32-0.4 for optimum workability. C90 to C100 high-performance concretes are
relatively inexpensive (with material costs around 125 €/m®) but have high durability, high tensile



bending strength (with fractiles over 5 MPa), a relatively high modulus of elasticity (around 40 GPa
depending on the aggregates) as well as the high compressive cube strength over 90 MPa. The
compaction of HPC can be achieved by centrifugal casting, vibration or following a more advanced mix
design by the self compacting method (High Performance Self Compacting Concrete [HPSCC]). The
treatment after casting often corresponds to a simple covering of the moulds in order to keep the young
HPC humid for typically 36 hours before prestress release and demoulding.

Taking advantage of the properties of the two components CFRP and HPC, it is possible to minimise the
weight of the bending element by reducing the wall thickness while guaranteeing excellent service
characteristics (no susceptibility to corrosion, high bending stiffness and high fatigue strength.

The outstanding durability of HPC prestressed with pultruded CFRP wires has been confirmed by several
full-scale field tests and by up to 15 years of service for CFRP pretensioned precast HPC plyons and
facade elements (Figures 1 and 2)

Figure 1: CFRP prestressed pylon made from high performance spun concrete
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Figure 2: College building Zurich Falletsche: filigree vertical CFRP prestressed HPSCC fagade columns



Discussion and Conclusions

The prefabrication of CFRP prestressed high performance concrete (HPC) elements permits the
realisation of thin-walled, light-weight and durable structural elements with excellent service
characteristics (no susceptibility to corrosion or ageing, high bending stiffness and high fatigue
strength). Lower cost for maintenance, transportation and installation with respect to conventional
reinforced concrete elements make CFRP prestressed HPC economically interesting. The new shaping
possibilities in conjunction with advanced concrete compaction techniques (self compacting HPC) make
these novel concrete elements fascinating from the aesthetic/architectural point of view.

A first full-scale structural element made from HPC prestressed with pultruded CFRP wires was realised
in the year 2000 by the Swiss prefabrication element plant SACAC Schleuderbetonwerk AG in the form
of a thin-walled overhead power line pylon. This 27 metres high tubular pylon for high voltage
transmission lines was produced by a centrifugally casting technique with a concrete wall-thickness of
merely 48 mm. It was therefore 40% lighter than a conventional steel-reinforced concrete pylon used
for the same purpose. The transport and erection costs were reduced which, with an expected
maintenance-free service life of 50 years, should result in lower life-cycle costs than those of tubular
steel or steel lattice pylons which need a new coat of corrosion protection paint after approximately 20
years. Using CFRP prestressed HPC has also proved beneficial in other applications: For example, in
2005-2008 aesthetics, installation and structural considerations lead to the realisation of three large
building facades in Zurich, Switzerland using slender and thin-walled CFRP prestressed self compacting
HPC profiles (Figure 2). All these applications have shown outstanding durability up to the current
service time of 15 years, with no cracks arising or relevant deflection increases under service loads in
outdoors mid-European climatic conditions.

The thin-walled HPC elements prestressed with CFRP wires described are designed as members
subjected primarily to flexure. In terms of design criteria, the following has to be considered:

* The total bending safety factor for these elements is typically in the range of 1.8, meant as the ratio
between design failure moment to maximum service moment according to (SIA, 2003). No preference is
made between the two possible bending failure modes, i.e., “crushing of the concrete” or “tensile
failure of the CFRP wires”, since both of them are brittle failures. The controlling failure mode depends
on the section's geometry, the concrete's strength, the configuration of the prestressing reinforcement
(at present the cost determining factor) and the prestressing level. The latter is determined by the
serviceability issue of fully prestressing the element for service loads. Furthermore, the anchorage of
the highly prestressed CFRP wires must be carefully verified (Terrasi, 2001).

¢ In most cases, the design is controlled by the fulfillment of the serviceability criteria. In particular,
deflections under service loads can be limited by fully prestressing: The formation of bending cracks is
avoided so that the moment of inertia of the entire cross section is available for the service moment
reception. The maximum service moment defines the minimum cracking moment that has to be
guaranteed at the critical cross section of the element. This can be calculated under consideration of a
part of the tensile strength of the concrete (f.. = 5 MPa for the HPC studied) and is principally controlled
by the height of the total prestressing force (Terrasi, 1998). In order to make rational use of the still
expensive CFRP wires and considering the space limitations in the slender elements, the wires should be
prestressed at an initial prestressing degree of 60%-70% of their guaranteed tensile strength of 2000 -
2500 MPa (Table 1). It is advisable to use small diameter CFRP wires (typically 3—6 mm) in order to
obtain a smooth transfer of the prestressing forces, to prevent bond failures through longitudinal cracks
of the low HPC covers (in the range of 20 mm) and to elude thermal compatibility cracks. A complete
loss of prestress would be the consequence of these cracks and has clearly to be avoided (Terrasi,
1998).

e One additional requirement to be fulfilled by the chosen design of the flexural element is the
attainment of a high deflection at failure (i.e. in the cracking stage, see (Terrasi, 1998)), which can be
interpreted as a warning by the system when loaded at an unforeseen high level.



The fulfilment of the design criteria listed above allows a weight reduction of up to 40% over traditional
steel reinforced and prestressed concrete flexural elements.
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New fiber-reinforced polymer thermal break for energy-efficient constructions —
structural system performance

Kyriaki Goulouti?, Julia de Castro?, Thomas Keller3

Introduction

In the context of sustainable development, the reduction of the energy consumption of the overall
building stock represents a major challenge. Developments towards construction designs with high
thermal insulation capacity are increased and new standards are set, e.g. the European Directive
2010/31/EU (EPBD recast)?, which prescribes that all new buildings must be conceived as ‘nearly zero-
energy buildings’ by the end of 2020. One construction detail that can cause up to 30% of the heat losses
of a building is the thermal insulation-penetrating connection of building exterior balconies to interior
concrete slabs?. Thermal break elements are used for these connections that partially interrupt the heat
flow towards the external environment. However, they still comprise insulation-penetrating stainless
steel bars with high thermal conductivity. On the other hand, fiber-reinforced polymer materials (FRPs) —
composed of glass (GFRP) or, even much more insulating, aramid fibers (AFRPs) — have an up to 170 times
lower thermal conductivity than stainless steel and are therefore much more appropriate for this specific
application. Several attempts had already been made to replace the stainless steel bars by GFRP
components®* but none of them was successful on the market for various reasons®.

A new concept for a highly insulating, combined AFRP/GFRP thermal break was recently developed and
its excellent thermal insulation capacity has been proven®. The new thermal break is shown in Fig. 1a and
is able to transfer negative bending moments and shear forces from the exterior balcony to the interior
concrete slab. The concrete slab is interrupted in the envelope’s insulation layer by a 55-mm- wide PVC
box, which is filled with a highly insulating aerogel granulate material and can be adapted to slab height.
The upper tension forces, caused by the balcony’s negative bending moments, are transferred through
the PVC box and anchored in the adjacent concrete slabs by 720-mm-long AFRP loops, spaced at 150 mm.
The lower compression forces, also resulting from the bending moment, are transferred by 55.9-mm-long
GFRP compression bars. Glass fibers had to be chosen in this case due to the relatively low compression
strength of the (thermally much better) aramid fibers. The GFRP bars are integrated into a hexagonal
sandwich component, which provides a compression diagonal through the PVC box to transfer the shear
forces, see Fig. 1b. The three directions of the hexagon are either wrapped with AFRP or GFRP laminates
and polyurethane (PU)-foams of different densities are used as core materials.

E

-t

AFRP locop

A/GFRP hexagon
sandwich

Figure 1. New A/GFRP thermal break: a) components assembled, b) A/GFRP hexagon sandwich
component with integrated compression bar, (dimensions in (mm).
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The structural behavior of the individual AFRP/GFRP components has already been experimentally
investigated and characterized. The corresponding results were presented in Chapter 3 and form the basis
for this work. In the following, the behavior of the whole system, the new thermal break embedded in
the adjacent concrete slabs, is investigated. The behavior in the serviceability and ultimate limit states is
analyzed and the maximum balcony span derived.

Experimental

The dimensions and mechanical properties of the thermal break components (AFRP tension loop, A/GFRP
hexagon diagonal, GFRP compression bar), which are relevant for describing the system behavior, i.e. the
interaction between the thermal break components and the surrounding concrete, are summarized in
Table 1.

Table 1: Cross sections and mechanical properties of components (average experimental values’).

Length Area A | Stiffness E-modulus  Ult. Load Strength
Component

L(m) (mm?) | s(kN/mm) E(GPa) Fu(kN)  fu(MPa)
AFRP tension 300"
loop 720 18 47 274 913
15007
A/GFRP
hexagon 224
compression | 125 65 36 59 264
diagonal, PU 1677*
98kg/m?3
A/GFRP
hexagon 224°
compression | 125 76 42 69 309
diagonal, PU 1677
131kg/m3
GFRP
compression | 55 900° 792 44 315 350
bar

"AFRP (2-15-10 mm?), “concrete contact (projection, 15-100 mm?)
3 A/GFRP (2-2-55.9 mm?), *concrete contact (projection, 30-55.9 mm?)
>GFRP (30-30 mm?) = concrete contact (30-30 mm?)

Since balconies are normally subjected to uniformly distributed loads and thus represent one-way
cantilevering slab structures, their structural behavior can be experimentally simulated using a beam
configuration. Accordingly, six experimental beams of full-scale dimensions, comprising, with one
exception, one thermal break unit each — i.e. one loop combined with two hexagons with integrated
compression bars®— were investigated. In one beam, however, one loop was combined with only one
hexagon/bar component. Hexagons with higher foam density (and thus wrinkling resistance) were
selected in the cases where higher shear loads were expected.

The slab inside the building was represented by a beam of 1000-mm length, 220-mm height and 300-mm
width (denominated ‘interior’ beam in the following), to which a 700-mm-long cantilevering (‘exterior’)
beam of the same cross section, representing the balcony, was connected through the thermal break unit,
see Figs. 2 and 3. The gap of 55-mm length between the two beams, normally containing the PVC box
filled with aerogel insulation, was kept open in order to observe the components’ behavior. The 100-mm-
long steel plate of the cantilever support was moved 110 mm back from the gap edge in order to simulate
the most unfavorable case® and not create a favorable confinement of the concrete at the support of the



GFRP compression bars. The beams were reinforced with two longitudinal steel bars B5009 of ¢ 14 mm
on the top and two bars of ¢ 10 mm on the bottom side and stirrups of ¢ 10 mm spaced at 150 mm.
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Figure 2. Experimental set-up with instrumentation and loading positions, dimensions in (mm),
(timber block removed prior to loading).
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Figure 3. Cross section of experimental beam with one thermal break unit, concrete reinforcement
and instrumentation, dimensions in (mm).

More details about configuration, material properties and results analysis can be found in [6].



Load deflection curves and failure modes

All six beams exhibited a nonlinear load-deflection response, the latter indicating the average value of the
two LVDTs at the cantilever end, see Fig. 4 (only the failure cycles are shown). With decreasing load
distance, e, the initial stiffness and ultimate load increased, while the ultimate displacement decreased.
As the ultimate load was approached, the stiffness of all beams further decreased and the load then
gradually decreased (in half of the cases) with increasing displacement. The two beams with the same
lever arm exhibited a similar response; the different wrapping of the hexagons (AFRP or GFRP) thus did
not significantly influence the behavior — in particular not at the serviceability load, FSLS, which was
determined at a cantilever end deformation of 2L/350=4.9mm, with L= 700+55+110 = 865mm.The
ultimate load of the beam with only one hexagon (G400-1) was significantly lower than that of the same
beam with two hexagons (G400). Their ratio Fu/FSLS varied according to the lever arm length between
1.9 (shortest lever arm) and 4.6 (longest lever arm).
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Figure 4. Load-deflection responses of all beams (deflections at cantilever end of failure cycle).

The load-displacement responses of beams G200 and G600, during all the cycles, are compared in Fig. 4.
Some permanent deformations were obviously accumulated during concrete cracking, which occurred on
top of the interior span due to the negative bending moments. However, concrete cracking was limited
to only one to three cracks, see Fig. 5. The curves also show significant load decreases while displacements
were maintained before unloading from the top of the individual cycles. These decreases were much
more pronounced in the case of shorter lever arms, i.e. higher loads in the hexagons’ compression
diagonal, and thus could be attributed to the viscoelastic behavior of this component.

Figure 5. Crack formation and propagation in beam G600 during 15-, 20-, 25-kN cycles.

The failure modes depended primarily on the lever arm length and fiber type of the hexagon wrapping.
With longer lever arms, the concrete in the AFRP loop anchorage zone of the interior span failed through
crushing and a diagonal crack plane formed through the whole beam width from the upper loop



anchorage zone down to the two hexagon compression diagonal supports, see Fig. 6a. Small cracks
formed at the supports of the GFRP bars, but this zone did not fail, see Fig. 6b. The hexagons with GFRP
wrapping remained undamaged, while those with AFRP wrapping exhibited wrinkling in the compression
diagonal. The beams exhibited a clear rotation in the gap; the two adjacent concrete planes remained not
parallel, as shown in Fig. 7.

Compr. bars

Figure 6. Failure mode of beam G600: a) top concrete failure in loop anchorage zone, b) cracks
through the hexagon diagonals’ support area of interior (left) beam, undamaged hexagons in
cantilever (right) beam.

Figure 8. Failure mode of beam A200: a) bottom concrete spalling in interior (left) beam, b)
wrinkling/crushing of AFRP hexagon diagonal.

The beams with the shortest lever arm failed differently. The bottom part of the concrete on the
supported part failed, i.e. the part below the prolongation of the hexagon compression diagonals spalled,
see Fig. 8a. The loop deformed into an S-shape, see Fig. 9, and was thus torn off from the concrete on the
loading side. The hexagons with GFRP wrapping remained undamaged (with the exception of minor
crushing at one edge in one of them) while those with AFRP wrapping were crushed in the upper part of



the compression diagonal, see Fig. 8b. In addition to the rotation in the gap, a clear vertical offset was
visible, see Fig. 9 (and compare to Fig. 7). Beam G400-1, which had only one hexagon with GFRP wrapping,
again failed differently. No significant damage could be observed in the concrete, see Fig. 10a, while the
hexagon’s GFRP diagonals failed through wrinkling on one side, see Fig. 10b. Overall, all beams exhibited
a ductile failure mode caused, in all cases but one, by progressive concrete failure and in one case by
GFRP wrinkling.

Figure 10. Failure mode of beam G400-1: a) undamaged concrete in interior (left) beam, b) wrinkling
of GFRP hexagon diagonal.

Conclusions and Points for Discussions

A new highly insulating balcony thermal break has been developed which consists of combined
AFRP/GFRP loop and sandwich components. In a previous work, the excellent thermal performance has
been demonstrated and the load-bearing behavior of the components characterized. In the current work,
the system behavior, i.e. the behavior of the thermal break embedded at the interface between a building
interior and an exterior balcony concrete slab, has been investigated.

The failure modes are ductile due to prevailing concrete failures and, in the cases of AFRP hexagons,
simultaneous wrinkling of the sandwich faces. However, the ultimate loads using GFRP hexagons (which
did not wrinkle) were not significantly higher than those using AFRP hexagons. The much better thermal
performance of AFRP hexagons can thus be exploited.



The maximum balcony span of the current system is approximately 2.50 m and is limited by the anchoring

resistance of the AFRP loops in the concrete cover. To further increase the balcony span, the loop ends

could be slightly bent downwards to activate more concrete resistance. A further improvement might be

a covering of the curved hexagon diagonal ends by small Teflon sheets in order to eliminate friction and

thus better assure that the compression forces do not deviate from the diagonal direction
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Experimental characterisation of bond between flexural EB FRP and concrete

A. Serbescu’, M. Guadagnini® and K. Pilakoutas®

Introduction

The strengthening potential of externally bonded FRP reinforcement (EBR) is already well established.
However, the efficiency of FRP plate bonding systems is limited due to premature debonding, especially
at the plate ends. Despite the large amount of research efforts, improving the accuracy of predictive
models for debonding capacity continues to be a research challenge. The prediction ability of most of
the available models relies on the accuracy of the bond-stress characteristics considered. These
characteristics are normally determined by using experimental data from small-scale bond tests.

Simplified bond tests

Bond characteristics cannot be obtained from simple material tests, whilst the more realistic full-scale
element tests (Fig. 1a) are time consuming and expensive. Thus, simplified bond tests (Fig. 1b), which
are more economic, are generally preferred for parametric investigations.

Strain gauges

‘ anchor P, Concrete beam

Concrete prism

: :‘ Tmax

Figure 1: a) Anchorage zone in beams and b) simulation of anchorage zone with small scale specimens

The common test-set ups used to determine the bond characteristics are shown in figure 2: a) single
shear pull (far end) test, b) single shear push test (near end), c) double shear push tests (near end), d)
double shear pull test (far end), e) hinge bending test, f) steel block bending test and g) saw cut bending
test.

a) b) c) d)
|——D—T| —F A O e—— )
e) f) 9)

Figure 2: Common test set-ups

In the absence of a standardised procedure, these tests are very often further modified or adapted to
suit individual laboratory conditions (Gartner et al., 2011). The bending test specimens may be T-shaped
(Miller and Nanni, 1999) and include internal steel reinforcement/FRP bars or external FRP shear
reinforcement (Gartner, 2011).

The interfacial stress state in FRP strengthened RC beams is best reproduced by bending (e.g. Pellegrino
et al., 2008; Gartner et al., 2011; Kotynia, 2011) but such tests may appear cumbersome to setup. The
force transfer between FRP plate and concrete substrate takes place primarily through shear stresses
and thus, shear tests, which are more convenient for laboratory investigations, are most commonly
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adopted (Chen et al. 2001; Yao et al. 2005a). Nevertheless, comparisons of different set-ups have shown
that, in general, shear tests offer lower bond strength than bending tests (Horiguchi and Saeki 1997;
Brosens cited in Mazzotti et al.,, 2009). Due to symmetry and for better control of induced normal
stresses, the double-shear test (e.g. Nakaba, 2001; Leone et al., 2006; Serbescu et. al., 2013) may be
preferred over the single shear test. However, specimens for a single shear tests are simpler to
manufacture and mount and thus single shear tests appear the most commonly performed bond tests
(e.g. Ceroni and Pecce, 2010; Bilotta et al., 2011; Yao, et al., 2005; Pellegrino et al., 2008).

Bond characteristics

Irrespective of the test set-up, the results of bond tests enable the determination of key interfacial
characteristics such as local bond stress, slip at maximum local bond stress, maximum transferable force
and corresponding maximum bond length. The maximum transferable load is directly recorded whilst
the maximum bond length can be determined by regression analysis (minimum length to transfer the
maximum force). The local bond law parameters, such as bond stress and slip, are determined by
derivation (Eq. 1) and integration (Eg. 2) of measurements taken by discrete strain gauges mounted
along the bonded length (Nakaba, 2001; En-Core, 2008)

E¢ A (i — &)

= 7 1

fia bs (Xi,2 — %) W
— . 2

Siis1 =Si JFMX_+5iX (2)
' (X1 —%) 2

As, by, Ef - FRP area, width and elastic modulus
€;, €1 - strains at locations “i” and “i+1”
X;, Xi11 - distance from the free end to the strain gauges located at “i” and “i+1”

Apart from the different set-ups, there is a lack of test specifications such as loading rate,
instrumentation location, surface preparation, FRP/concrete width ratio, adhesive thickness. This,
alongside the wide range of available material characteristics (e.g. FRP stiffness, concrete strength) can
only lead to substantial variability of t-s relationships (bond law or bond model). Figure 3 (not to scale)
show some of the bond models available in the literature. A more review can be found in studies such
as Toutanji et al., (2012) or Wu and Jiang (2013). The most often used model implements a bilinear law,
which was initially developed by Holzenkampfer (1994).

T

Figure 3: Common test set-ups

Another important aspect of these tests is the instrumentation type. The measurement of the relative
displacement between the FRP and the concrete block (slip) at the loaded end using conventional
methods such as linear variable differential transformers (LVDT) may appear simple but accurate
measurements are difficult to obtain as the readings often contain contributions from other sources
such as support movements and deformation of concrete (Cao et al., 2007; Serbescu et al., 2013). Strain



gauges, micrometers and various contact displacement devices are generally used to measure the
deformation in the FRP plates but alternative full-field techniques such as electronic speckle pattern
interferometry (Murukeshan et al., 1999; Gonzalez-Pena et al., 2000; Tripi et al. 2000 referenced in Cao
et al., 2007) or 2D/3D digital image correlation (Czaderski et al., 2010, Ghiassi et al., 2013) can be used
to obtain more detailed information. However, such techniques are not yet widely available.

Performance of existing bond-models

The high discrepancy between the large amount of bond models available in the literature is well
documented. This can be partially attributed to the different test set-ups adopted by the various
researchers to calibrate the analytical models, as well as the different parameters examined in each
study. The performance (predicted maximum force in the plate Py,) of a selection of models proposed
by most common design guidelines is shown in figure 4, based on 278 single and double shear tests
collected from the literature (Serbescu et al., 2013).
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Figure 4: Predicted debonding load according to various design models (Serbescu et al., 2013)

Round Robin Testing (RRT)

In an attempt to identify a potential candidate for a standardised bond test, 6 international laboratories
engaged into a RRT exercise and more than 108 specimens, both single and double pull shear, were
tested (En-Core, 2008). The exercise was initiated by EU network EN-CORE and completed with the
support of fib Task Group 9.3. As can be seen in figure 5, the variability of the results was relatively high.
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Figure 5: Average bond strength (left) and bond —slip behaviour (right)



The results confirmed that the quality of the concrete substrate, primarily in terms of surface finish,
affects the bond behaviour of EBR systems to a large extent. The preparation and mounting of
specimens for double-shear tests has proven to be problematic and concerns have been raised at
various of the participating laboratories regarding the ability of effectively ensure alignment of the
various components and avoid the development of undesired bending effects. The number of
specimens exhibiting concrete splitting related failures, however, was comparatively higher for single
shear tests than for double shear tests. This could be attributed to the possible effects of load
eccentricity, but also to the lower concrete strength used for the specimens tested in the single-shear
configuration.

Conclusions and Points for Discussions

The research community is yet to agree on a unified experimental set-up and testing procedure for
these tests. The lack of standard tests leads to high variability in published results and hinders the
development of reliable design models. Undoubtedly there is a need for a standardised bond test that is
reliable, repeatable, easy to perform and able to represent the stress state that is observed in real field
applications in the best possible way.
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Bond problems in NSM systems

Antonio Bilotta*, Francesca Ceroni?, Emidio Nigro 3

In general, the bond behavior between the concrete and any external Fiber Reinforced Polymer
(FRP) reinforcement influences the transfer of stresses between the reinforced member and
strengthening. Then it affects the ultimate load carrying capacity of the FRP strengthened
concrete members, as well as some serviceability aspects, such as crack width and crack spacing.
In particular, the bond strength of a Near Surface Mounted (NSM) system made of FRP materials
is directly related to the type of failure (at the bar-adhesive interface, at the adhesive-concrete
interface, within the concrete, cohesive at the adhesive and in the FRP material). The overall
bond strength is dependent on local bond strength and, thus, on the distribution of bond shear
stresses along the interface. The local bond-slip behavior is affected by the following main
parameters: materials’ mechanical properties, FRP reinforcement and grooves surface
treatment, geometry of the strengthening system (bars or strips), grooves’ dimensions and
depth of the FRP reinforcement in the groove. The shape ratio, k, namely the ratio between
groove and FRP dimensions, also affects the failure mode of the strengthening system (Sena Cruz
and Barros, 2004; De Lorenzis and Teng, 2007; Seracino et al., 2007). In general, the local bond-
slip behaviour and the bond strength are experimentally assessed by bond tests.

Failure modes of NSM systems

Based on the experimental results of bond tests carried out by several researchers, the possible
failure modes can be defined as:

1) Debonding at FRP bar/strip - adhesive interface
This type of failure is identified by the virtual absence of adhesive attached to the bar surface
after failure.

2) Cohesive shear failure within the adhesive
Such a failure is identified by the presence of adhesive on both FRP bar or strip and concrete
after failure and occurs when the tensile strength of the adhesive is exceeded. Since surrounding
concrete is much stiffer than the adhesives, it introduces some confinement at the concrete-
adhesive interface.

3) Debonding at adhesive - concrete interface
Bond failure at the adhesive-concrete interface may occur as pure interfacial failure or as
cohesive shear failure in the concrete. The pure interfacial failure mode was found to be critical
for pre-cast grooves (De Lorenzis et al., 2002) and, in general, for grooves with smooth surfaces.
In general, the failure at the adhesive-concrete interface was experimentally observed for values
of the shape factor k > 1.5-2 (De Lorenzis and Teng, 2007); these limits, indeed, warrant a
sufficient adhesive thickness around the FRP bar/strip in order to avoid the adhesive cover
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splitting.

4) Adhesive cover splitting
Longitudinal cracking of the adhesive is generally identified as cover splitting. This was observed
to be the critical failure mode for deformed (i.e. ribbed and spirally wound) round bars in
moderate strength concrete (De Lorenzis and Nanni, 2002; De Lorenzis et al., 2004). Specimens
with low values of groove size (k=1) and very brittle adhesive can show its splitting without
significant damage in the surrounding concrete. A minimum value of k = 1.5 is suggested to avoid
splitting (De Lorenzis and Nanni, 2002).

5) Concrete splitting
When an NSM bar/strip is close to the edge of a concrete member, failure can involve the
splitting of the edge concrete (Galati and De Lorenzis 2009). This kind of failure mode can be
easily eliminated by keeping a minimum distance from the edge. Moreover this kind of failure
can be quite common mainly in elements of relatively low strength class.

Bond tests

Experimental bond tests on concrete elements strengthened with NSM FRP bars or strips have
been performed by several researchers during the last decade.

In (De Lorenzis et al., 2004), GFRP and CFRP ribbed bars with 9.5 mm diameter and spirally
wounded CFRP bars with 7.5 mm diameter were tested in concrete elements with mean
compressive strength of 22 MPa. Most of the specimens failed by adhesive splitting. In De
Lorenzis and Nanni (2002), GFRP deformed bars (13 mm diameter) and CFRP deformed bars (9.5
mm diameter) were tested in concrete elements (27.5 MPa). All specimens failed by adhesive
splitting. Moreover, sand blasted CFRP bars (9.5 and 13 mm diameter) were tested too and a
FRP-adhesive interface failure occurred.

In De Lorenzis et al. (2002) spirally wounded CFRP bars (7.5 mm diameter) were tested in
concrete elements (22 MPa). All specimens attained an adhesive-concrete interface failure.

In Sena Cruz and Barros (2004) and Sena Cruz et al. (2006) smooth carbon strips with dimensions
10 mm x 1.4 mm were tested in specimens characterized by three values of concrete strength
(35, 45, and 70 MPa). Failure always occurred at the FRP-adhesive interface.

In Seracino et al. (2007), smooth carbon strips with thickness of 1.2 mm and width of 10, 15 and
20 mm were tested. Concrete strength varied in the range 30-60 MPa. For the specimens with
concrete strength equal or higher than 50 MPa a tensile failure of the FRP occurred, except for
two cases which showed a FRP-adhesive interface failure. For lower values of strength, an
adhesive- concrete interface failure was observed.

In Teng et al. (2006), smooth carbon strips (16 mm [ 2 mm) were tested in concrete specimens
(44 MPa) and a FRP-adhesive interface failure occurred.

In Novidis and Pantazopoulou (2008), sand blasted deformed CFRP bars (12 mm diameter) were
tested in concrete specimens (30 MPa) and an adhesive-concrete interface failure was observed.
Regarding the setup, both numerical and experimental studies (Novidis and Pantazopoulou,
2008) showed that different test setups can significantly change the experimental results.
Nevertheless, at present, no consensus on a standard test procedure has been still reached. For
this reason, a Round Robin initiative was recently carried out involving several research
laboratories (Palmieri et al. 2012; En-Core & fib TG 9.3, 2010) and aimed at testing the bond
strength of the same FRP materials according to different setups in different laboratories. In



particular, the laboratories of the Universities of Naples, Ghent, Minho and Budapest tested
various NSM systems. All laboratories adopted a double shear test (DST), where two concrete
blocks were connected by the NSM reinforcements on two opposite sides. The only exception
was the laboratory of Naples (Bilotta et al. 2011), which used a single shear test (SST) setup (see
figure 1). Nevertheless, all the laboratories tested the same NSM systems, failure modes were
quite different; in particular in the tests carried out by the University of Minho an adhesive-
concrete interface failure occurred in most cases. In the tests performed at the University of
Ghent, the failure happened at the FRP-adhesive interface for the smooth carbon bars and strips
. Adhesive splitting occurred for sand coated basalt bars and for ribbed glass bars. In the other
cases, an adhesive-concrete interface failure occurred. In

most of the tests carried out by the University of Budapest, failure occurred in the concrete block
and only in some cases it was due to adhesive splitting. Finally, a concrete-adhesive interface
failure occurred in most specimens strengthened with NSM systems at the University of Naples.
Even if the DST setup led, in some cases, to the failure of the concrete due to an incorrect
alignment of the two blocks, it is worth noting that the concrete strength could more affect the
failure mode. Indeed concrete strength varied in the range 27-32 MPa for the tests at University
of Ghent, was 43 MPa at University of Budapest and 35 MPa at University of Minho. At the
University of Naples, a lower concrete strength (about 19 MPa) was used in order to replicate
the conditions of existing RC buildings. For low strength, a concrete-adhesive interface failure is
more probable than adhesive splitting. Moreover, it is worth to note that, nevertheless the
different concrete strength, the different experimental set-up and measurement systems, the
variability of the failure loads was quite limited since the values of the Coefficient of Variation
(CoV) ranged between 6% and 15% referring to the average loads obtained by the four
laboratories. This results is also significant because it might evidence that the SST set-up is
referable since it is more simple to be realized and less affected by alignment problems of the
blocks before and during the tests in comparisons with the DST set-up.

H pa=

HL_._:

Figure 1 — Example of bond test setup

Debonding predicting formulae



Despite of failure modes, experimental results of bond tests clearly showed that the NSM
technique could represent a sound alternative to Externally Bonded Reinforcement (EBR)
systems since it allows the FRP tensile strength to be better exploited. The results of bond tests
on different types of NSM reinforcement carried out by the authors and other test results
available in literature will be collected and analyzed in terms of maximum bond shear stress and
maximum strain at failure, in order to provide an experimentally calibrated relationship aimed
to predict both average and characteristic values of the maximum strain of the FRP NSM
reinforcement in case of bond failure at the anchorage.
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DISCONTINOUS BOND IN RC BEAM ELEMENTS EXTERNALLY STRENGTHENED
WITH CFRP

Trombeva-Gavriloska Ana !, Lazarevska Marijana 2

Contemporary structures are typically designed for a service life of 50 or more years. Over this time
period, it can be observed that loading, as well as the environmental conditions, may significantly change.
As a consequence, numerous reinforced concrete structures exhibit non-adequate performance and are
therefore in need of poststrengthening during their service life. Nowadays steel plates that have been
traditionally used for this purpose are often replaced by lighter, stronger and more durable FRP strips.

It is obvious that the bond between the concrete substrate and the FRP plate plays a crucial role in the
occurrence of failure mode with loss of composite action. One of the problems that could be encountered
during the strengthening of reinforced concrete structures in the practice is inadequate execution of the
bonding process. This may lead to weakening of the bond layer in some positions along the length of the
plate, and to creation of discontinuities within the bond layer. Significant changes of the bearing capacity,
which were not taken into the account during the design stage, may be observed in such case. It is
extremely difficult to evaluate the influence of these weak zones within the bond layer upon structural
response of the strengthened beam.

For a proper determination of the bearing capacity of the RC structure strengthened with externally
added FRP reinforcement, a model has to be used, which can accurately describe the stresses in the bond
layer [1]. To evaluate the influence of the presence of such discontinuous zone upon overall response of
the beam, a numerical assessment was proposed, where the bond between reinforced concrete beam
and CFRP plate was modeled by a numerical displacement- based fibber model [1].

In order to model the weak spot in the bond, a modification was introduced to the bond law, incorporated
in the existing model [2], [4]. The magnitude of the maximum shear stress remains unchanged while the
displacement at slip is significantly increased. A much more flexible bond (compared to the perfectly
bonded area) is achieved by this modification. The significance of numerical modelling of such
discontinuous zones and evaluation of the influence that they have upon overall response of the
strengthened beam are highlighted and evaluated by a sensitivity analysis [3].

Parametric analyses were carried out for selected values of increasing displacement at slip. The obtained
results showed that the values of the calculated bearing capacity are approaching an asymptotic value
when the displacement at slip is increasing, while corresponding bond stresses in the region of
discontinuity are approaching zero values, which is in accordance with the actual situation [2], [3], [4],
[5]. Based on the parametric analysis it can be concluded that proposed modification of the bond law is
appropriate and correct modelling values for the weak zone can be selected.

Furthermore, for verification of the implemented modification in the bond constitutive law, bond stress
distribution and tensile plate force distribution along the externally strengthened reinforced concrete
beam with discontinuous zone in the bond layer under equal load were analyzed.[6], [7], [8]. The obtained
results show that the displacement at slip used in the process of modeling has no influence on the
ultimate tensile force in CFRP strip. By increasing the value of the displacement at slip used in the
modeling process tensile force in the CFRP strip in the weak zone approaches the constant value [6], [7],
[8].

Influence of the length and place of the discontinuity was evaluated from the global response of the
strengthened beam, bond stress distribution and tensile force distribution in the CFRP sheet [3], [4]. From
the analysis could be concluded that the weak zone in the bond layer may decrease the tensile force in
the CFRP plate, which means that its bearing capacity is not completely used. Results show that local bond
stress concentrations, which appear where cross- section is changed, have negative influence on the
quality of the bond between concrete substrate and CFRP plate.

Artificial neural networks were applied for prognostic modeling of the distribution of tensile force in CFRP

1 Ss. Cyril and Methodius University, Skopje, Macedonia
2 Ss. Cyril and Methodius University, Skopje, Macedonia



strip along the beam, for the selected values of the displacement at slip that were used in the modeling
process of the weak bond zone. Numerically generated data from the proposed modeling of the weak
zone were used for creation of the prognostic neural network’s model. The results obtained by the neural
network’s model for the analyzed case show excellent accuracy for quality prognoses of the output data

[9].
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MODELING OF DISCONTINOUS BOND IN RC BEAM ELEMENTS EXTERNALLY
STRENGTHENED WITH CFRP

A. T. Gavriloska®, M. Lazarevska®

Introduction

The effects of change in the environmental conditions, the increasing of the loads and the design of
older structures, which may have been adequately compared with contemporary codes but are
inadequate against the current codes, are all factors which contribute either for decreasing of the
bearing capacity or structural safety of the construction. Non adequate performance of the reinforced
concrete construction imposes the need for their repair and strengthening. In the recent years, typical
retrofitting technique involves use of external bonded fibber reinforced polymer (FRP) plates.

Failure behaviour of a plated beam can be very strongly influenced by the integrity of the bond between
the plate and the concrete. One of the problems that can be encountered during the strengthening of
reinforced concrete structures in the practice is inadequate execution of the bonding process. This may
lead to weakening of the bond layer in some positions along the length of the plate, and to creating
discontinuities within the bond layer.

Numerical model formulation

For a proper determination of the bearing capacity of the RC structure strengthened with externally
added FRP reinforcement, a model has to be used, which can accurately describe the stresses in the
bond layer. Numerical model, which is used for the analysis of the strengthened beam element, is based
on a fibber model [1]. Two-node displacement based beam element has been used. It has two
components: a two-node concrete beam and a strengthening plate. The nodal degrees of freedom of
the concrete beam and of the strengthening plate are different to permit slip. The reinforced concrete
section is discretized into fibbers layers as is shown on Fig. 1.

Cubic transverse and linear axial displacement fields are assumed for the beam, and linear axial
displacement for the strengthening plate. The distribution of the bond slip is quadratic. The element is
implemented in the finite element program FEAP [2].
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Figure 1: Node and field displacements of the reinforced concrete beam element with bond slip
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Analyzed case

The analyzed case is presented in Figure 2. A 3200 long reinforced concrete beam strengthened with
CFRP (carbon fibber reinforced polymer) strip is subjected to four-point bending condition. Due to the
symmetry of the case, only a half of the beam is being analyzed. The discontinuous part of the bond
layer is defined by its position and length, i.e., by Xi.;, Xs» and A.
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Figure 2: Beam element strengthened with CFRP strip: a) geometry of half beam; b) cross section of
the strengthened beam

Dimensions of the transverse section of the reinforced beam are b/h=800/120 mm. Width of the
external CFRP reinforcement is 100 mm. Young's modulus and the yielding strength of the CFRP strip
taken in the analysis are 150 GPa and 2400 MPa, respectively. The corresponding values for the
reinforcing steel are 210 GPa and 460 MPa, respectively.

Modelling of the bond layer between concrete and external CFRP reinforcement

The original constitutive bond law is described by a linear relation between displacement and shear
stresses in the bond layer up to the maximal bond strength. When this value of bond shear stresses is
reached, slip occurs, which means that displacement is increasing while the corresponding shear stress
is zero.

In order to model weak zone in the bond layer, a modification was introduced in the bond law. Maximal
shear stress, t;, remains unchanged, while displacement at slip is significantly increased. By this
modification a much more flexible bond is achieved compared to the perfectly bond area. The perfect
bond is described by values u; (,=0.0013 mm and 1;=3.1 MPa. The original and modified bond law are
presented in Figure 3.
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Figure 3: Original and modified constitutive bond law



Results and discussion

Introduced modification in the bond law was confirmed by sensitivity analysis of the numerical model
for selected values of increasing ujgisc. In Figure 4 is presented influence of the selected value for
parametar uj gisc, Used in the process of modelling for discontinous bond presented in Figure 3, upon its
bearing capacity. The values of the calculated bearing capacity are decreasing and approaching an
asymptotic value when uy g is increasing. The results of the analysis show that the modification
introduced to the model is appropriate.
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Figure 4: Modelling of discontinuous bond: influence of selected value for u, 4;;c upon bearing
capacity, F,; ; discontinuity starts at x;,; =200 mm and has a length of A=196 and 504 mm

Figure 5 indicates that the corresponding bond stresses in the region of discontinuity decrease and
approach zero values as the uy 4 increase, which is in accordance with the actual situation. This meets
our expectations and confirms that the modification of the bond-slip behaviour for the weak part was
appropriate.
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Figure 5: Influence of the weakened bond presence upon bond stress distribution (discontinuity starts
at x;,; =200 mm and has a length of A =504 mm); u; 4=0,013; 0,13;0,39; 0,78; 1,17 mm



Figure 6 shows the tensile force in the CFRP plate along the beam, which corresponds to the bond
stresses depicted in Figure 5. It can be observed that in the section of the weak bond, the tensile force
rate is smaller when a larger value of uj 4 is employed in the analysis. This is in accordance with the
obtained bond stress distribution, as bond stresses are proportional to the tensile plate force derivative.
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Figure 6: Influence of the weakened bond presence upon tensile plate force distribution (discontinuity
starts at xi,; =200 mm and has a length of A =504 mm); uj 4;sc=0,013; 0,13; 0,39; 0,78; 1,17 mm

Conclusions and Points for Discussions

The results obtained show that the proposed modification of the bond law is appropriate. Based on the
parametric analysis, appropriate modelling values for the weak zone can be selected.

The analysis leads to a conclusion that the weak zone in the bond layer may decrease the tensile force
in the CFRP plate, which means that its bearing capacity is not completely used. Results show that local
bond stress concentrations, which appear where cross-section is changed, have negative influence on
the quality of the bond between concrete substrate and CFRP plate.

Further validation of the proposed model and results obtained by parametric analysis using this model,
has to be carried out by the experimental researches.
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Near surface mounted reinforcement for flexural strengthening of RC columns

Dionysios A. Bournas !

Introduction

Bournas and Triantafillou (2009) and Perrone et al. (2009) presented the results of full-scale experimental
programmes which were aiming to provide a fundamental understanding of the behavior of reinforced
concrete (RC) columns under simulated seismic loading, strengthened in flexure (of crucial importance in
capacity design) with different types and configurations of near-surface mounted (NSM) reinforcing
materials.

Experimental programme

The experimental programme of Bournas and Triantafillou (2009) aimed to study the flexural
strengthening of old-type non-seismically detailed RC columns with NSM reinforcement and to compare
the effectiveness of different flexural strengthening schemes. A total of eleven full-scale RC column
specimens with the same geometry were constructed and tested under cyclic uniaxial flexure with
constant axial load as shown in Fig. 1.
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Figure 1: (a) Schematic of test setup. (b) Cross section of columns. (c) NSM reinforcement and application of
TRM jacket.

The specimens were designed such that the effect of a series of parameters on the flexural capacity of RC
columns could be investigated. These parameters comprised: type of NSM reinforcement (CFRP strips,
GFRP bars, stainless steel rebars), configuration of NSM reinforcement (CFRP strips placed with their large
cross section side perpendicular or parallel to the column sides, depending on whether a proper concrete
cover is available or not), geometrical reinforcing ratio of NSM or internal reinforcement, type of bonding
agent for the NSM reinforcement (epoxy resin versus cement-based mortar) and NSM reinforcement with
or without local jacketing at the member ends.
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Experimental results and conclusions

The response of all columns tested in Bournas and Triantafillou (2009) is given in Fig. 2 in the form of load-
drift ratio curves. All columns responded as designed and failed by flexural yielding of the internal steel,
followed by failure of the NSM reinforcement. With only one exception (column C_Par), all strengthened
specimens displayed higher (up to about 100%) flexural resistance compared to the control specimen.
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Figure 2: Load versus drift ratio curves for tested specimens (the inserts illustrate NSM reinforcement
configurations).

The results demonstrated that NSM FRP or stainless steel reinforcement is a viable solution towards
enhancing the flexural resistance of reinforced concrete columns subjected to seismic loads, especially
when the retrofitting scheme combines epoxy-bonded NSM bars with local confining jackets (provided in
this study with textile-reinforced mortars — TRM). Following up the very promising experimental results,
Bournas and Triantafillou (2013) developed an analytical model for the design of NSM strengthened
columns subjected to uniaxial or biaxial bending. The agreement between analysis and test results was
very satisfactory.

Key references

Bournas, D.A., and Triantafillou, T.C. (2009). “Flexural Strengthening of RC Columns with NSM FRP or
Stainless Steel”, ACI Structural Journal, 106(5), 495-505.

Bournas, D.A., and Triantafillou, T.C., (2013), "Biaxial Bending of RC Columns Strengthened with Externally
Applied Reinforcement Combined with Confinement", ACI Structural Journal, 110(2), 193-204.

Perrone M., Barros J.A.O., and Aprile A. (2009). “A CFRP-Based Strengthening Technique to Increase the

Flexural and Energy Dissipation Capacities of RC Column”, ASCE Journal of Composites for Construction,
13(5), 372-383.



CFRP Laminate Strengthening of Concrete Beams with Corroded Steel

Garyfalia G. Triantafyllou?, Theodoros C. Rousakis?, Athanasios I. Karabinis3

Introduction

Corrosion of steel reinforcement is one of the major causes that limit durability and serviceability
performance of reinforced concrete (RC) structures. Damage and residual capacity assessment as well
as suitable repair and strengthening of deficient reinforced concrete members are urgent for most
existing structures. Externally bonded reinforcements (EBR) in the form of fabrics and FRP laminates for
flexure in corroded RC beams increase the ultimate strength but significantly reduce the deflection
capacity compared to unrepaired beams (El Maaddawy and Soudki 2005, Al-Saidy et al. 2010). The
behavior of corroded beams in need of cracked concrete removal and application of additional repair
mortar before FRP strengthening lacks adequate experimental evidence. The effects of concrete
patching before bonding carbon FRP were investigated by Xie and Hu (2012) and Al-Saidy and Al-Jabri
(2011), who found replacing the damaged concrete cover with a new concrete layer prior to
strengthening with FRP, to be more effective in the load transfer mechanism between FRP and
concrete. Retrofit with Near Surface Mounted (NSM) reinforcement has been developed in order to
treat the bond failure at the interface between the EBR and the concrete surface by inserting the FRP
reinforcement into concrete cover grooves filled with epoxy adhesives. Very few researchers studied
corroded RC members repaired and strengthened with NSM systems. Kreit et al. (2011) and Almassri et
al. (2014) strengthened naturally corroded RC beams with one 6 mm diameter NSM CFRP rod without
repaired the damaged concrete cover. They concluded that the efficiency of the NSM technique could
be limited by the separation of the concrete cover due to longitudinal corrosion induced cracks on the
corroded substrate.

Thus, there are unidentified gaps that concern the understanding of steel corrosion process combined
with the force transfer at old concrete-new mortar patch and new mortar patch-FRP strengthening
interfaces. The objective of the current research is to study the behavior of RC beams with corroded
steel reinforcement to a low mass loss (around 7.5%). Also demonstrates the need for removal of
cracked concrete cover, treatment of steel bars, application of cement-based repair patch and of
externally bonded EBR or NSM FRP laminates at the characteristic limit state of initiation of concrete
cover separation. Test results have demonstrated that the beam strengthened with two NSM FRP strips
of equivalent axial rigidity with EBR FRP laminate presented 18.2% higher load and 41.6% higher
deflection than the latter.

Experimental Program

Specimens configuration

A total of 4 RC beams with a width of 150 mm, a height of 300 mm and a length of 2300 mm were
tested in the Reinforced Concrete Laboratory of D.U.Th. Beam RC-N was a reference beam with no
corrosion, while the remaining three beams were subjected to an accelerated corrosion technique.
Beam RC-COR1 was the control corroded beam, while RC-COR1S1 and RC-COR1S2 were corroded beams
repaired and strengthened with EBR and NSM carbon FRP systems respectively. All beams had three
tensile ribbed rebars of 12 mm diameter, two 10 mm diameter ribbed bars in compression, 8 mm
stirrups of 8 mm diameter spaced at 150 mm (with 50 mm spacing at the support) and 20 mm clear
concrete cover. The specimen details appear in figure 1.
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Figure 1: Experimental setup and layout of the reinforcement.

Materials

The average compression stress on cylindrical concrete specimens was 34.6 MPa, the elastic modulus
32300 MPa and the tensile strength was 2.2 MPa after 28 days. The tensile strength, measured using
the splitting test, was 2.2 MPa. The reinforcing bars and stirrups had nominal yield strength of 500 MPa.
Tensile tests on steel bars with or without corrosion were also executed and the tensile stress-strain
curves for both non corroded and corroded rebars are shown in figure 2.

700

<
% 600 T \‘T
L St ] ==-
~ 500 w T eee=- spegl_cor
Q00 M0 e===- speg2_cor
§ Y e ——— spef3_cor
] 300 ..... qln r
o=  eee=. speg5_cor
2 200 spefri—non cor
7] s S)EL2_NON COT
S 100 P n cor
+— e SPEE4_NON COT
0 n cor

0 0.02 0.04 0.06 0.08 0.1 0.12 0.14 0.16
strain ¢ (mm/mm)

Figure 2: Tensile stress-strain curves of non corroded and corroded steel reinforcement bars.

After removal of cracked concrete, corroded rebars were treated with corrosion inhibitor for reinforced
concrete and an epoxy-cement and anti-corrosive bonding primer. Substrate repair was realized with
polymer modified cementitious repair mortar having compressive strength of 50 MPa at 28 days. Table
1 shows the mechanical characteristics of CFRP laminate, CFRP plates used for the NSM technique and
U-CFRP sheets for shear strengthening. Epoxy resin was used for the bonding of CFRP laminate having
flexural strength of 90 MPa, tensile strength of 30 MPa and elastic modulus of 11200 MPa. The epoxy
resin was used for the bonding of CFRP plates into slits, for UCFRP sheets and for filling the grooves in
NSM technique. It had tensile strength of 30 MPa and elastic modulus of 4500 MPa.

Table 1: Mechanical characteristics of CFRP materials.

T f Width Thick Young’s Ultimate Ultimate
ype o it (mm) ('c m)ess Modulus stress strain
composite 'mm mm
P (GPa) (MPa) (%)
CFRP laminate | 50 1.2 165 3100 1.7
CFRP NSM 10 3 165 3100 1.7
plates

U-CFRP sheets | 50 0.167 230 4000 1.7




Accelerated corrosion

The accelerated corrosion process included beams placed inside a tank which contained industrial salt
solution NaCl of 3% concentration and then subjected to wet-dry cycles (4 weeks wet and 4 weeks dry
alternately in total). The beams were also subjected to constant electric current. The current was only
applied during the wetting period. Wet-dry cycles allowed for better physical representation of the
natural corrosion process (taking place in most cases of practice). Detailed mapping of corrosion
induced crack patterns and of their widths were also recorded at the end of each corrosion cycle. The
corrosion process was terminated for measured maximum concrete crack width higher than 0.3 mm
(SLS limit).

Patch repair and FRP strengthening

The damaged concrete cover could be easily removed to the level of the tensile steel reinforcement, on
the whole length of the beams. Pull-off tests according to European Standard on the tensile-cracked
bottom face confirmed extremely low tensile concrete strength, between 0.8-1.9 MPa (average 1.1
MPa). In-situ direct pull-off tests may serve as an efficient assessment tool in order to proceed with
mortar patch repair. The exposed corroded steel bars were cleaned and corrosion products were
removed by mechanical means. The corrosion inhibitor was applied with a brush onto the revealed bar
and substrate and penetrated into the concrete, protecting the reinforcement by forming a protective
film all around the steel surface. The application of the epoxy-cementitious bond agent layer to the
repair zones followed. Then, the polymer modified cementitious mortar was applied by patching
technique to form 20 mm cover.

The surface of the mortar patch was ground to expose the aggregates and then it was cleaned with a
high-pressure air jet. The bottom edges of the beams’ sections were rounded to a radius of about 17
mm for the application of U-CFRP wraps for shear strengthening. Beam RC-COR1S1 was strengthened in
flexure with CFRP laminate on the tensile face and beam RC-COR1S2 with two CFRP NSM plates inserted
into the mortar cover grooves at the tension side. The grooves had a depth of 15 mm (1.5 times the
plate width) and width of 9 mm (3 times the plate thickness). The axial rigidity of FRP reinforcement was
equivalent for both strengthened beams (EBR or NSM). In order to prevent shear failure caused by an
increase in the beam load capacity and CFRP end debonding, each shear span was wrapped with eight
U-shaped CFRP strips of 50 mm width and in two layers spaced at 50 mm (figure 1).

Test setup

The specimens were subjected to four- point monotonic loading up to failure. The load was applied
using a 500 kN actuator through a spreader steel beam to the specimen (Figure 1). Four linear variable
displacement transducers (LVDTs) were used to measure the load line and mid-span deflections of the
beam during testing. Strain gauges were installed on the main longitudinal steel bar to measure the
axial strain. For strengthened beams, three more strain gauges were installed on the CFRP laminate and
the CFRP plates to measure the axial strain.

Test results and discussion
Cracking maps and corrosion crack widths

Crack patterns and widths were recorded at each cycle by visual screening and crack width detectors.
One longitudinal crack was formed at the tensile bottom running parallel mainly to the middle tensile
rebar and on the front and back sides of each corroded beam. Rust staining was also noted along these
cracks. As corrosion proceeded, longitudinal cracks increased their width and at the end of the last
corrosion cycle the maximum width of the bottom face was measured equal to 0.35 mm. On side faces
the longitudinal cracks were smaller in extent and thinner in width and their maximum width was



measured equal to 0.20 mm. The cracking maps of corroded beam RC-COR1 were shown in figure 3
before testing to failure. It is also mentioned that all corroded beams presented similar crack patterns.
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Figure 3: Crack pattern of corroded beam RC COR1 after the end of the accelerated corrosion.

Structural performance of non corroded and corroded beams

The failure mode for both non corroded RC-N and corroded RC-COR1 beams was flexural by yielding of
tensile steel bars, followed by crashing of concrete in the compression zone. The load at tensile steel
yielding of the corroded beam RC-COR1 (136.8 kN) was about 5.55% lower than that of the uncorroded
beam (144.4 kN). The maximum bearing load of the corrode beam was 150.9 kN compared with 156.9
kN for non corroded (around 4 % lower). A slight increase in the deflection capacity of 2.45% for the
corroded beam RC-COR1 was noted. The beam with the corroded steel rebars had 78.1 mm deflection
at failure, while the uncorroded beam failed at a lower deflection of 76.3 mm. Figure 4a depicts the load
versus midspan deflection relationship of all beams, while figure 4b shows the midspan strains on the
steel versus load. Steel strains were recorded up to 0.5% strains.
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Figure 4: (a) Load-deflection curves of all beams. (b) Load-steel/carbon FRP strain curve.

For the corroded beam existing longitudinal cracks due to corrosion did not increase their width during
loading. When RC-COR1 reached maximum load, a part of the concrete cover was detached from the
bottom middle region of the beam as shown in figure 5. The maximum longitudinal crack due to
corrosion opened from 0.35 mm to 0.40 mm. For higher beam deflections, longitudinal cracks and



flexural-shear cracks did not increase in range, while more concrete cover parts failed and the corroded
reinforcement was exposed.

Figure 5: Flexural crack pattern of corroded beam RC-COR1 after testing to failure.

Structural performance of patch-repaired and FRP strengthened corroded beams

The failure mode of the patch repaired and strengthened corroded beam with EBR CFRP laminate RC-
COR1S1was debonding of the flexural CFRP laminate after yielding of the tensile steel reinforcement. As
presented in figure 6, CFRP laminate was detached in the middle area of the bottom face after the beam
reached the maximum load. Then, intermediate debonding between the old concrete and repaired
mortar layer followed and finally the compressive concrete zone crushed. The yield load (156.6 kN)
presented a slight increase of about 8.4% compared to that of the uncorroded beam and 14.4% more
than the corroded unstrengthened one. The maximum load of the repaired beam was 22.1% higher
(191.7 kN) than that of the reference beam and 27.1% than the corroded unstrengthened beam at 17
mm deflection. The residual post debonding bearing load was limited to 130 kN up to the corresponding
post debonding deflection of 44.5 mm. At post debonding failure the maximum interface longitudinal
crack between old and repaired concrete was equal to 0.60. Figure 4b shows the midspan strains on
FRP laminate versus load. The maximum FRP strain was equal to 0.6% at the maximum load, which
corresponds to the 0.35¢y, of the ultimate strain of the CFRP laminate. This value agrees well with the
EBR FRP debonding strain calculated according to ACI 440-2R08 recommendations equal to 0.7% (0.41
&g ) for high mortar strength.

Figure 6: RC-COR1S1 beam after testing to failure.

The corroded beam strengthened with 2 NSM CFRP plates (RC-COR1S2) exhibited debonding in the form
of concrete cover separation, after yielding of the tensile steel bars. Intermediate debonding between
the old and the new concrete substrate took place and finally concrete crushing (figure 7). Debonding at
the epoxy-CFRP strips interface and localized splitting of the epoxy cover were detected after failure.
The beam yielded at a load 153.3kN, 6.2% higher compared to the uncorroded beam and 12% higher
compared to the corroded unstrengthened beam. When the load reached 183.6kN, a longitudinal crack
in the interface between the old and the new repair mortar opened in a parallel direction, equal to 0.40
mm. This crack opened further at width of 0.60 mm when the load was equal to 198.4kN. A significant
increase in the load carrying capacity and deflection when compared to the EBR strengthened beam
was observed. The ultimate load at debonding was 226.6 kN, that is 18.2% higher compared to the EBR
strengthened beam, 44.4% higher than the uncorroded beam and 50.2% higher than the corroded
beam without FRP strengthening at 24.1 mm deflection. The new mortar cover layer enhanced the load
transfer between the NSM FRP plates and the existing beam. After sudden bond loss of NSM FRP



strengthening, the residual post debonding bearing load was limited to 157.6 kN at 29.1 mm and then
increased to 183.9 kN at 37.1mm deflection. However, the failure load at extensive concrete crushing
was 134 kN at 54.1 mm deflection. Carbon FRP strains were also measured on the midspan of the two
NSM plates (figure 4b). The strain gauge of the NSM plate placed on the left side stopped recording at a
value of 0.95% which corresponds to the 0.56¢&y, of the ultimate strain of the CFRP NSM strip. The other
NSM plate on the right side of the beam continued to deform and reached strain equal to 1.28% at the
maximum load, which corresponds to the 0.75¢y, of the ultimate strain of the CFRP NSM strip, which
agrees well with the debonding strains according to ACl 1.19% (0.7¢5..). The contribution of the NSM
technique in the utilization of the ultimate strain of the CFRP element is double the corresponding of
the EBR technique.

Figure 7: RC-COR1S2 beam after testing to failure.

Measurements of steel mass loss on extracted bars

The tensile steel reinforcement was revealed after the testing of beam RC-COR1. Corrosion was uniform
along the entire length of steel rebars, while some pitting was observed in a few parts, essentially at the
flexural region of the beam. Six coupons of tensile corroded steel bars were taken out at least 150 mm
long and cleaned of rust according to ASTM G1-90 standard (figure 8). The average gravimetric mass

loss of coupons of the tensile bars was measured equal tom,,, = 7.56% .

Figure 8: Corroded steel rebar.

Conclusions

The mass loss level that corresponds to maximum corrosion induced longitudinal crack width of 0.35
mm is investigated in the current paper, just failing to fulfil SLS value of 0.3 mm. This study suggests that
even low mass loss levels may require removal of cracked concrete, treatment of corroded steel bars
and application of repair patches in order to enable FRP strengthening and reliable and significant
extension of beam residual life. Mass loss of reinforcement up to 7.5% led to marginal decrease of the
flexural capacity of the beam around 4%. The force contribution at failure of 2 NSM plates was double
that of the EBR with identical axial rigidity, as the measured strains at failure were 0.6% and 1.28%
respectively. The EBR FRP strengthened beam exhibited 22.1% higher maximum load than the reference
beam and 27.1% than the corroded one. The NSM FRP strengthened beam exhibited 44.4% higher
maximum load than the reference beam and 50.2% than the corroded one. The beam strengthened
with two NSM FRP strips of equivalent axial rigidity with EBR FRP laminate presented 18.2% higher load
and 41.6% higher deflection than the latter.

Acknowledgements

This research was supported by the IKY (Greek State Scholarships Foundation) RESEARCH PROJECTS FOR
EXCELLENCE IKY/SIEMENS. The authors wish to acknowledge the support by Sika Hellas for providing the
CFRP reinforcement, filling materials (adhesive epoxy), materials for corrosion protection and mortar for
the repair technique.



Key References

El Maaddawy T. and Soudki K. (2005). Carbon-Fiber-Reinforced Polymer Repair to Extend Service Life of
Corroded Reinforced Concrete Beams. Journal of Composites for Construction, 9(2), 187-194.

Al-Saidy A., Al-Harthy A., Al-Jabri K., Abdul-Halim M., Al-Shidi N. (2010). Structural performance of
corroded RC beams repaired with CFRP sheets. Composite Structures, 92, 1931-1938.

Xie J. and Hu R. (2012). Experimental study on rehabilitation of corrosion-damaged reinforced concrete
beams with carbon fiber reinforced polymer. Construction and Building Materials, 38, 708-716.

Al-Saidy A., and Al-Jabri K..(2011). Effect of damaged concrete cover on the behavior of corroded
concrete beams repaired with CFRP sheets. Composite Structures, 93, 1775-1786.

Kreit A., Al Mahmoud F., Castel A., Francois R. (2011). Repairing corroded RC beam with near-surface
mounted CFRP rods. Materials and Structures, 44, 1205-1217.

Almassri B., Kreit A., Al Mahmoud F., Francois R. (2014). Mechanical behavior of corroded RC beams
strengthened by NSM CFRP rods. Composites:Part B, 64, 97-107.

American Concrete Institute (ACl) (2008). Guide for the Design and Construction of Externally Bonded
FRP Systems for Strengthening Concrete Structures. AC/ 440.2R-08.

ASTM G1-90 (2002), Standard Practice for Preparing, Cleaning and Evaluating Corrosion Test Specimens.
ASTM International, West Conshohocken, Pa., 2002, 8pp.

European Standard EN 1542: Products and systems for the protection and repair of concrete structures-
Test methods- Measurement of bond strength by pull-off; English version of DIN EN 1542:1999



Fatigue Behavior and Design of Reinforced Concrete Beams Strengthened in
Flexure with FRP

Barbara Charalambidi !, Theodoros Rousakis?, Athanasios Karabinis?

Introduction

The aim of the present research is the experimental and analytical investigation of the response of CFRP
strengthened large scale RC beams under fatigue loading. For this purpose, beams were cast with web
dimensions of 200 mm x 500 mm and 3050 mm in length. The beams were strengthened in flexure with
externally bonded CFRP laminate or with NSM CFRP laminates. Two different amplitudes of cycles were
investigated, simulating the service loads of a bridge beam and the maximum steel stress limit for the
SLS. The available fatigue prediction models in literature provide the number of cycles to failure with
respect to the steel stress range assuming indirectly a sustained load between a minimum and
maximum level. The present research also aims to introduce a new analytical model for predicting the
fatigue life of FRP strengthened RC beams. The parameters used are the maximum stress of tensile steel
(omax) to the yielding strength (f,) ratio, as well as the axial rigidity of longitudinal steel (ks) and FRP (k)
reinforcement. The predictions of the proposed model are compared against the experimental results
as well as against the predictions of fatigue models in the literature.

Experimental Program

The experimental program concerned the fatigue investigation of seven reinforced concrete beams,
measuring 200 mm wide x 500 mm deep x 3050 mm in length (Charalambidi et al. 2016a). Normal
strength, ready-mixed concrete was used of 24.8 MPa average compressive and steel of 500 MPa
nominal yield stress. The beams had internal steel reinforcement consisted of three bottom bars of 16
mm diameter and two top bars of 12 mm diameter. Stirrups of 8 mm diameter were placed in the beam
as shear reinforcement, at a spacing of 290 mm. At the support regions, and for a length of 450 mm,
stirrups were spaced at a distance of 50 mm (Fig. 1).
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Figure 1. Concrete beam geometry, detailing of reinforcements
The specimens were strengthened for both shear and flexure. The shear strengthening was
accomplished with U shaped CFRP sheets with unidirectional fibers, wrapped at the shear spans of the
beams. The sheets had a reported mean tensile strength of 3500 MPa, mean modulus of elasticity of
225 GPa and 0.129 mm thickness. The flexural strengthening included two different strengthening
schemes. Four beams were externally bonded with one carbon fiber laminate of 3100 MPa mean tensile
strength, 165 GPa mean modulus of elasticity, 100 mm width and 1.2 mm thickness. The remaining
beams were strengthened with 2 NSM CFRP laminates of 3100 MPa mean tensile strength, 165 GPa
mean modulus of elasticity, 10 mm height and 3.0 mm thickness. The beams were tested under four-
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point bending, at a constant loading frequency of 2 Hz. Two different loading amplitudes were
performed. The low amplitude loading, denoted as series L (low), ranged from 20% to 60% of the design
ultimate strength of the beams. This amplitude represents the ratio of live to dead design loads of a
common bridge girder. The high load amplitude, denoted as series H (high), ranged from 20% of the
design ultimate strength of the beam to 80% of the strength corresponding to the nominal yield stress
of the longitudinal reinforcement simulating the maximum stress limit for the SLS.

Test Results

The L series beams, REX20-L and TEX20-L, successfully sustained fatigue loading reaching 2 million cycles
and 1.3 million cycles and then the testing was stopped. Flexural cracks were observed at the midspan
of the beams of width up to 0.20 mm. The specimens of the H series failed at less than 1.5 million
cycles. The beams of H series exhibited a similar primary mode of failure due to tensile fracture of the
steel reinforcement. No prior fatigue failure of the concrete cover in between the steel bar and the FRP
strengthening was recorded (Charalambidi et al. 2016a). In all cases, a main crack was formed at the
midspan region of the specimen. As the number of fatigue loading cycles increased, an increase of the
number of cracks and of their width was observed. During the last cycles, one particular crack was much
wider than the rest of the recorded cracks. This main crack indicated the region where the steel fracture
occurred. Debonding of the externally bonded FRP laminate was a secondary failure mechanism of the
strengthened beams in the H series, that occurred after the fatigue failure of the bar reinforcement. The
debonding of the laminate initiated at the place where the wider crack occurred and expanded towards
almost the whole midspan of the beam. In the cases of beams strengthened with NSMs, there was no
laminate debonding observed and the laminates were kept in place, even after the fracture of the steel
bars.

Figure 2. Steel failure of beam REX20-H at 990,147 fatigue cycles

Figure 3. Debonding of EBR CFRP laminate after fatigue loading (REX20-H)

The maximum and minimum applied loads, the number of the fatigue cycles, the maximum recorded
load and the corresponding deflection of the beams during the fatigue tests are presented in Table 1.
Beams’ load — deflection response may be divided in three different phases. At the first cycles of the
fatigue loading, an increase of the deflections was recorded (Curves A to B, Fig. 5a). Then, the
deflections remained relatively constant (Curves B to D, Fig. 5a). At the end of the fatigue loading,
during the last hundreds of cycles, beam REX20-H exhibited an abrupt increase of deflections (curve at
points D-E1-E2 in Fig. 5a) and failed.



Figure 4. No debonding occurred in the case of NSM strengthened beams after fatigue loading (RNSM40-H)

Table 1: Test results, fatigue lives

Test series Specimen Fmax (kN) Fmin (kN) Cycles Pmax (kN)

Series L REX20-L 126 41 2,000,000 126 5.75
TEX20-L 128 44 1,300,000 127 9.01
REX20-H 161 41 990,147 153 21.65

Series H REX40-H 161 41 1,450,105 159 21.18
RNSM20-H 150 40 807,437 147 26.79
RNSM40-H 150 37 696,500 148 22.46
TNSM20-H 153 44 774,411 153 22.75

The described response is typical for all the specimens in this study. The curves of midspan deflections
versus number of cycles (Fig. 5b) suggest that in all cases, there was an initial increase of the midspan
deflection proportional to the increase in cycles, followed by a stable region where the deflection
remained relatively constant for many cycles. Then, an abrupt increase of deflection occurred decades
of thousands of cycles just before failure.
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Figure 5. Load — deflection (a) and deflection — number of fatigue cycles curves of beam REX20-H

The mechanical behavior of beams is assessed through their load — deflection diagrams and diagrams of
deflection vs number of cycles. The specimens of the H series achieved an ultimate deflection almost
three times higher than the specimens of the L series (Fig. 6 and Table 1).
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Figure 6. Load vs deflection envelops for all specimens under fatigue loading

Analytical Model

The effect of the maximum stress and the stress range of the steel reinforcement to the fatigue
behavior of the reinforced concrete beams, has already been investigated by several authors
(Papakonstantinou et al. 2001, Kim and Heffernan 2008 among others). ACI Committee 440.2R-08
guide, recommends stress limits for FRP strengthening under tension and concrete under compression
as well as a peak reinforcing bar stress of 80% of yield strength to estimate the upper limit of fatigue
loading in Serviceability Limit State (SLS). It is acknowledged by the existing literature that the critical
material vulnerable to fatigue failure is steel and that stresses on steel about 60% of its yielding strength
practically do not lead to fatigue failure (Papakonstantinou et al. 2001, Heffernan and Erki 2004,
Gussenhoven et al. 2005, Gheorgiu et al. 2007). The available fatigue prediction models provide the
number of cycles to failure with respect to the steel stress range (Helgason and Hanson 1974, Moss
1982, CEB 1990, Mallet 1991, Papakonstantinou et al. 2001, Diab and Wu 2008 among others) assuming
indirectly a sustained load between a minimum and maximum level. Given the SLS design approach for
steel stress limitation, the present research aims to introduce directly the ratio of maximum steel stress
to the yielding strength of steel oma/fy into the fatigue design. There is a beneficial effect from the
restrictive action of the elastic strengthening material (FRP laminate) while other critical parameters
remain that are not adequately addressed. In general, strengthening of the tension zone with an elastic
material that does not yield, such as the FRP materials, may enhance the restrictive mechanism through
constant FRP stiffness that may delay fatigue failure in steel. Therefore, besides oma/fy, a second
variable that should be taken into consideration, is the ratio of axial rigidity of the steel bars to that of
the FRP reinforcement ks / ks, as it affects the fatigue life of RC beams. The present analytical study
proposes a fatigue model that includes the effect of the yielding strength of steel as well as the effect of
FRP strengthening restrictive mechanism (Charalambidi et al. 2016b). The proposed model is a y=ax°
equation type. Two sets of parameters a, b are proposed to account for the effectiveness of maximum
stress and vyielding strength. For the determination of parameters a and b regression analysis was
carried out, taking into account the yielding stress of specimens in literature. A detailed review of the
analysis can be found in Charalambidi et al. (2016b). The proposed model has the following expression:

GFW —(0.00336- f, +2.383)-N,,

y

(~0.00019- fy—-0.04967)

(1)

where omax is the maximum stress of steel, f, is the yielding stress of steel and N is the number of cycles.



In order to include the effect of the FRP strengthening to the proposed fatigue model, a new regression
analysis was designed and further improved equations are proposed that involve the ratio of axial
rigidity of steel to FRP reinforcement and depend on the value of omax/f, ratio. The model requires the
calculation of the analytical number of cycles N, of Equation 1. Then the ks/ks effect is included
according to the different oma/fy and the final theoretical number of cycles Ntheor is estimated. The
model is modified for various omax/fy ratios according to regression analysis of the experimental data of
literature that correspond to different omax/fy values. The final model for the estimation of N cycles to
fatigue failure is cited below (N=Nineor). The proposed model is a y=a'x® equation type. Two sets of
parameters a, b are proposed to account for the effectiveness of maximum stress and yielding strength.
For the determination of parameters a and b regression analysis was carried out, taking into account the
yielding stress of specimens in literature.
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For the evaluation of the theoretical models available in the literature and of the model proposed in this
paper, the criterion of the average absolute errors of the predictions for each model of the
experimental data of the literature were used (Eq. 5).

N
- E
AAE :% (5)

where the error of each theoretical prediction Ntheor over the experimental values Nexp is calculated
as E as follows:

N,. . —N
E(N)%z%-lw
exp (6)

The proposed model shows an average absolute error equal to 23.82% and an average ratio of 0.88
compared to the models provided in the literature. The performance of the proposed analytical model
is presented in Table 2 and Figure 7.



Table 2: Assessment of the proposed model

AAE (%) | 23.82 58.10 43.38 229.8 50.19
Average | 0.88 1.02 0.90 2.74 1.12
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Figure 7. Performance of the proposed analytical model

Conclusions and Points for Discussions

The present study concerns the experimental and analytical investigation of reinforced concrete beams
strengthened through FRP configurations. For that purpose, seven reinforced concrete beams were
tested both of rectangular and T cross-section, strengthened with two different FRP techniques:
externally bonded CFRP laminates and NSM CFRP laminates. The specimens were subjected to fatigue
loading up to failure. In all cases of fatigue loading:

e The failure of the beams was due to tensile fracture of the steel bar reinforcement under
fatigue loading.

e In the case of the externally strengthened beams with FRP laminates, the steel fracture was
followed by the FRP laminate debonding.

e No debonding occurred in the cases of NSM laminate strengthening.

e An increase in deflections with the number of cycles was recorded. All specimens experienced
an abrupt increase of the deflections during the last decades of thousands cycles before failure.

A fatigue design model is proposed in this study. The model estimates the number of cycles with respect
to the maximum stress of the tensile steel reinforcement, the steel yielding strength and the axial
rigidity of steel and FRP. The proposed model provides improved predictions compared to other existing
models in the literature. It provides an absolute average error prediction equal to 23.82% and an
average ratio of 0.88. Beams of steel reinforcement alone, show a variably and gradually weakened
restrictive mechanism in the tension zone, under cyclic loading. Strengthening with an elastic material



that does not yield, such as the FRP, may enhance the combined restrictive mechanism through
constant stiffness and suppress fatigue failure of steel under service loading. Incorporation of fy as a
significant parameter for fatigue design should be further refined to better address the different post-
yielding restrictive action of the steel, depending on the characteristics of its yielding plateau and of its
hardening modulus. Also, previous static and fatigue loading history of the beams should be properly
assessed and considered in the design.
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3.3 Shear and
Torsional
Strengthening



Research on FRP at Democritus University of Thrace, Greece

C. Chalioris?, and C. Karagiannis

The Use of FRP Jackets as Shear Reinforcement

The effectiveness of the use of externally epoxy-bonded carbon FRP sheets as external transverse
reinforcement to shear critical reinforced concrete beams with rectangular and T-shaped cross-section
has been investigated in the experimental works of Karayannis & Chalioris (2003) and Chalioris (2003).
The following FRP retrofits were examined: FRP sheets that (i) fully wrapped around the cross-section of
rectangular beams along the entire shear span, (ii) fully wrapped around the cross-section and covered
only a part of the shear span, (iii) U-jacketed T-beams along the entire shear span and (iv) U-jacketed T-
beams along the entire shear span with FRP anchorage using bolted steel laminates. From the
experimental results it is deduced that:

- The fully wrapped rectangular beam with bonded FRP sheets at the entire length of the shear spans
exhibited flexural and rather ductile response since shear diagonal cracks finally appeared at a high
level of loading and deformation along with FRP rupture. On the contrary, all the other beams
exhibited brittle shear failure.

- Beams strengthened with FRP sheets that cover part of the shear span exhibited significantly improved
shear performance since the presence of FRP sheets inhibited the propagation of shear diagonal
cracks. The effect of the FRP sheets on the increase of the shear strength is greater when the sheets
were applied at the half middle parts of the shear spans of the beam, than in the case that FRP sheets
were added at the end parts of the shear spans. Thus, the proposed alternative technique of shear
strengthening with bonded FRP sheets that cover only a part of the shear span can be used successfully
in cases that constructional problems prevent the application of FRP sheets along the entire length of
the shear span of the beam.

- Epoxy-bonded carbon FRP sheets can be used to enhance the shear capacity of T- beams as externally
applied shear reinforcement. However, all retrofitted T-beams exhibited shear diagonal cracks and
brittle shear failure whereas premature debonding failures at the concrete — FRP sheets adhesive
interface were observed. Thus, substantial reductions of the potential capabilities in shear strength
were reported. The use of special anchorage of the FRP sheet using bolted steel laminates was a
potential improvement to the observed premature debonding.
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FRP-EBR Repairs of RC Members in Torsion

The effectiveness of the use of externally epoxy-bonded carbon FRPs as external transverse
reinforcement to under-reinforced concrete beams with rectangular and flanged cross-section under
torsion has been experimentally evaluated in the work of Chalioris (2008). Three different FRP
configurations were examined: (i) Fully and completely wrapped rectangular beams with continuous FRP
sheets along the entire length and around the cross-section of the beam (full wrapping with sheets). (ii)
Completely wrapped rectangular beams with discrete FRP strips around the cross- section of the beam
(wrapping with strips). (iii) U-jacketed flanged beams with FRP sheets along the entire length of the beam
that were bonded on the width and on both vertical sides of the web of the T-beam (U-jacketing with
sheets). Based on the test results of this research, the following concluding remarks were drawn:

— Retrofitting with epoxy-bonded carbon FRP fabrics is a feasible strengthening technique for existing
under-reinforced beams under torsion. Strengthened beams using FRP sheets and strips as the only
transverse reinforcement exhibited better overall torsional performance than the non-strengthened
control beams.

— Full wrapping with continuous FRP sheets caused a significant increase on the ultimate torsional
strength and torsional failure occurred at high levels of strength and twist along with tensile rupture
of the sheets. This retrofitted scheme is far more efficient for torsional upgrading than the use of
wrapping with the same volume of discrete strips.

— Failure of wrapped beams with FRP strips was partially delayed in respect to the failure of the control
specimens and fibres initially prevented cracking. However, torsional diagonal cracks eventually
appeared and widened in the unwrapped concrete of the beams, while fibre rupture has not been
observed.

— U-jacketed flanged beams exhibited premature debonding failure at the concrete and the FRP sheet
adhesive interface. Substantial reductions of the potential capability in torsional strength are reported.
Despite this fact, the post-ultimate responses of the U-jacketed beams were rather smooth regarding
to the steep post-cracking response of the control non-strengthened T-beam.

(i) Full wrapping with (i) Wrapping with FRP strips (iii) U-jacketing with FRP
continuous FRP sheets
sheets

Figure. Crack patterns of typical beams tested under pure torsion

An analytical approach for the prediction of the torsional response of reinforced concrete beams
strengthened with externally bonded FRP has been proposed by Chalioris (2007). The analysis
method employs the combination of two different theoretical models; a smeared crack model for plain
concrete in torsion for the elastic till the first cracking response and a properly modified truss model for
the post-cracking response. The proposed method addresses the contribution of the externally bonded
FRP materials to the torsional capacity of RC beams using specially developed equations in the well-
known truss theory and utilizes softened and FRP-confined concrete stress-strain relationships.
Verification of this model has been achieved through comparisons between analytically predicted
behaviour curves and experimentally obtained ones. Further, application of this method allows for a
realistic modelling of the elastic and the post-cracking response of FRP strengthened beams under
torsion.



References

Chalioris C.E., “Analytical Model for the Torsional Behaviour of Reinforced Concrete Beams Retrofitted
with FRP Materials”, Engineering Structures, Vol. 29, No. 12, pp. 3263-3276, 2007.

Chalioris C.E., “Torsional Strengthening of Rectangular and Flanged Beams using Carbon Fibre-Reinforced-
Polymers — Experimental Study”, Construction and Building Materials, Vol. 22, No. 1, pp. 21-29, 2008.

Experimental Report on FRP Repairs of Beam-Column Joints

A repair and strengthening technique of beam-column joints was examined in the experimental work of
Karayannis & Sirkelis (2008). Epoxy resin injections were used to repair the damaged specimens in
combination with externally bonded carbon FRP sheets that were used to wrap the joint body of external
beam-column connections as a confining jacketing system. Carbon FRP sheets were also used to wrap the
critical regions of the beam member of the examined subassemblages providing this way for confining of
these regions and ensuring a good anchorage of the FRP sheets used for the jacketing of the joint body.
Further, carbon FRP sheets were also used for the confining of the critical regions of the column member
of the specimens. From the observed responses and the comparisons of the initially tested specimens
and the rehabilitated ones it can be deduced that the use of epoxy resin even in cases of large scale
damage can restore the response of the specimens. The combination of this repair technique with the
application of bonded carbon FRP sheets leads to a significant improvement of the loading capacity, the
energy absorption and the ductility and finally it leads to improved type of damages comparing to the
damage modes of the specimens during the initial loading. It is emphasized that the observed damages
in FRP retrofitted specimens concentrated away from the joint area near the end of the FRP strengthened
region.
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Cyclic response of shear critical RC columns strengthened with CFRP strips
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Abstract

To reduce the vulnerability of substandard RC members to shear failures, the use of carbon fibres (CFRP)
discontinuous strips has been recognized as a reliable method for increasing the member’s capacity.
However, the experimental studies on RC columns subjected to compressive axial load and cyclic
horizontal displacements are still lacking.

The present experimental research aims at investigating the effectiveness of CFRP strengthening system
on shear critical short RC columns (i.e. Ls/h = 3). In particular, three RC columns with square cross-section
and governed by shear mode were analysed: one reference column, termed “as built” in the following,
and two columns externally reinforced with one and two plies of CFRP strips, respectively. The columns
have been strengthened using a discontinuous wrapping along their entire length. The specimens were
cantilevers loaded with a low compressive axial load and subjected to cyclic horizontal displacements.
The responses of the columns have been analysed in terms of failure modes and increased strength and
deformation capacity in case of one and two layers of external CFRP wrapping.

Introduction

The high vulnerability of existing RC structures even to moderate seismic events has been confirmed from
recent post-earthquake surveys. Indeed, the lack of a proper seismic detailing typical of such members
could lead to brittle failures due to shear before the flexural yielding, especially in case of short members.
After L'Aquila earthquake (Italy - 2009, magnitude 6.3), thousands of RC buildings resulted heavily
damaged, with significant damage at both structural and non-structural components (Di Ludovico et al.
2016a,b). In many of those heavy damaged RC buildings, the columns showed brittle failures due to the
shear actions (Del Zoppo et al. 2016,a), see Figure 1. However, a few experimental studies have been
developed on RC columns subjected to compressive axial load and cyclic horizontal displacements
(Priestley et al. 1997, Ye et al. 2002, Colomb et al. 2007). Thus an experimental research has been carried
out to investigate the effectiveness of CFRP strengthening system on shear critical short RC columns (i.e.
Ls/h =3).
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Figure 1: Damaged columns from L’Aquila earthquake (Del Zoppo et al. 2016,a)

Experimental program

Four short RC columns were designed with geometric properties and reinforcement detailing as depicted
in Figure 2. Each specimen had a square cross-section 300 x 300 mm reinforced with ten 22 mm diameter
deformed bars (longitudinal geometrical reinforcement ratio, p| = 4.2%).
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Figure 2: Experimental program

Transverse reinforcement was made of 8 mm diameter ties, spaced at 300 mm apart (transverse
geometrical reinforcement ratio, pw = 0.11%) and with hooked ends. A reduced spacing has been adopted
in the zone of load application to avoid localized damages.

The lateral load is applied at a distance of 900 mm from the foundation block, in order to simulate the
behavior of short columns [i.e. Ls/h = 3 with shear length Ls = 900 mm (35.43 in.)]. The four columns were
over-designed for flexure, in order to achieve a brittle failure governed by the shear.

Two specimens were used as control (specimens Al and B1) and the other two were strengthened with
one (specimen A2) or two plies (specimen B2) of discontinuous uniaxial CFRP strips with fibres
perpendicular to the column longitudinal axis. The CFRP strips, width ws = 100 mm, were spaced at s¢ =
165 mm. The external reinforcement was extended for the total height of the column. The radius of
rounded corners is R =20 mm.

The specimens were subjected to normalized compressive axial load (v = N / Afcm, where N is the
compressive axial load, Ac is the concrete gross area) equal to 0.1 and horizontal cyclic displacements.
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(MPa)

525

me
Specimen
5 (MPa)
Al 14.3
A2 16.2
B1 23.9
B2 32.3

Table 1: Description of the experimental program
N° of
CFRP
plies

CFRP
Young

Modulus

(GPa)

CFRP
Ultimate
strain

(%)

CFRP

Ultimate
strength

(MPa)

Thickness of
composite
system

(mm)

Mechanical properties of materials

Two classes of concrete have been adopted: low compressive strength for specimens Al and A2 and

medium compressive strength for specimens B1 and B2. The average compressive strength were fcm =
14.3 MPa and f., = 16.2 MPa for columns Al and A2, and fcn = 23.9 MPa and fc, = 32.3 MPa for columns
B1 and B2, respectively. The same class of steel has been used for all the columns: average yielding

strength f,m = 525 MPa. The tensile modulus and strain corresponding to minimum ultimate strength of

the composite system provided by the manufacturer were E¢ = 85.4 GPa and &, = 1.23%, respectively.

The CFRP sheet unit weight was 600 g/m?. The mechanical properties are summarized in Table 1.

Test results

The force-drift relationships are reported in Figure 3 for all specimens. The main test results, in terms of

observed failure mode, peak force and ultimate drift (assumed at a strength degradation of 20%) are

summarized in Table 2. A further description of the experimental results can be found in Balsamo et al.
2016 and Del Zoppo et al. 2016,b.

Table 2: Main test results

Fail Ultimate
Specimen atiure drift
mode
(%)
159.6 2.9
Al shear
-151.8 -2.8
249.9 6.2
A2 shear
-253.0 -6.0
188.9 2.7
B1 shear
-191.0 -2.5
Flexure_ 3083 85
B2
shear -300.6 -8.0




Specimens Al and A2:

The control specimen Al reached a peak force Fmax = +159.6 kN (-151.8 kN) in the positive (and negative)
direction. The ultimate drift has been assumed equal to Agsrmax = + 2.9% (-2.8%), corresponding to a
strength degradation of 20% (i.e. a lateral force lower than 80% of the maximum one). The specimen
exhibited a shear failure, with crushing of the concrete strut.

Both strength and drift capacity have been increased for the specimen strengthened with one ply of CFRP
strips (A2). Indeed, the experimental peak force was Fmax = +249.9 kN (-253.0 kN) in the positive (and
negative) direction. The ultimate conventional drift, corresponding to a strength degradation of 20%, was
significantly greater than in the case of Al test and equal to Aosgrmax = + 6.2% (-6.0%). If compared with
the “as built” specimen, the external reinforcement provided a strength enhancement of 56% and a drift
enhancement of 114%. In this case, the concrete governed the brittle failure mode, since no failure or
debonding were observed in the CFRP strips.

Specimens B1 and B2:

The control specimen with a medium compressive strength B1 achieved a peak force Fmax = +188.9 kN (-
191.0 kN) in the positive (and negative) direction. The conventional ultimate drift was Ao.gemax =+ 2.7% (-
2.5%), corresponding to a strength degradation of 20% (i.e. a lateral force lower than 80% of the
maximum one). As expected, specimen B1 exhibited a shear failure, governed by the crushing of the
concrete strut.
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Figure 2: Force-drift relationships for specimen A1 (a), A2 (b), B1 (c) and B2 (d).

The recorded peak forces for specimen B2, strengthened with two plies of CFRP, was Fmax = +308.3 kN (-
300.6 kN) in the positive (and negative) direction, whereas the conventional ultimate drift achieved values



of Aosgrmax = + 8.5% (-8.0%). The specimen B2 attained large plastic deformations, probably due to the
better concrete quality and to the confinement effect given by a higher amount of fibres, before the
failure governed by the concrete. Indeed, no failure or debonding were observed in the CFRP strips. It
should be noted that the external wrapping with two plies of CFRP changed the failure mode of the
specimen from brittle to quasi-ductile (i.e. flexure-shear failure).

CFRP strain profiles

The effective strain on the CFRP strips due to combined shear action and concrete lateral dilatation has
been investigated. The CFRP strains were measured by means of strain gauges located at mid-span and
mid-height of each side of the first four strips for both specimens A2 and B2. The layout of strain gauges
on CFRP strips is shown in Figure 4. The ratio between CFRP effective strain, €7, and nominal ultimate
strain, €5, is presented as a function of the column height, H, for different levels of drift A in Figure 4 for
specimen A2. The CFRP strains were plotted at each peak drift imposed by the load protocol up to the
drift after the column conventional failure.

The carbon fibers effective strain recorded on the four sides of the specimen A2 resulted quite uniformly
distributed. Indeed, the fibers axial strains achieved 40% of the nominal strain at failure €5, along each
side of the column. A singular peak strain of 75% was observed on the second CFRP strip of one side
parallel to the shear action, probably due to a stress concentration near a concrete crack. Nonetheless, it
should be noted that the strain profiles related to the second and third strips achieved greater axial strains
with respect to the first and forth strips.
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Figure 4: Strain profiles for specimen A2.

Conclusions

The results of the experimental program carried out on four short columns (Ls/h = 3), two control
specimens and two strengthened with discontinuous CFRP strips, subjected to load reversal have been
presented and discussed. The external reinforcement increased significantly both strength and
deformation capacity of tested members. In particular, the specimen A2 characterized by low concrete
compressive strength and strengthened with one ply of CFRP strips increased its strength capacity of
+56% and its deformation capacity of 114%. Conversely, the specimen B2 characterized by medium
concrete compressive strength and strengthened with two plies of CFRP strips increased its strength
capacity of +63% and its deformation capacity of 215%. Moreover, for specimen B2 the external wrapping
modified the failure mode from brittle to a quasi-ductile one, with large inelastic deformations attained
before the failure.

Analysing the distribution of CFRP axial strains along the cross-section perimeters, recorded by means of
strain gauges, a uniform distribution of stress/strain along the four sides has been recognized in both



specimens tested in the strengthened configuration. CFRP strain peaks were achieved when the fibres
cross the concrete diagonal cracks developed on the sides parallel to the shear action.
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General Aspects

Concrete in compression cannot fail unless the material volume is free to expand laterally.
When concrete is restraint laterally then failure is postponed and consequently strength and
strain capacities are enhanced. This enhancement is a function of stiffness and strength and
strain capacity of the restraint.

The adequacy of FRPs as a lateral restraint material has been proved through experiments
from early eighties. FRPs in the forms of jackets are wrapped laterally on the surface of
concrete elements, restraining the natural tendency of concrete to expand and damage can
be accumulated in the form of internal cracking. Initially, unreinforced cylindrical or prismatic
specimens either wrapped with FRP jackets, or encased in FRP-tubes were studied in
compression. Variables such as: the type of the composite, the orientation of fibers, the
number of layers, the arrangement of wraps in strips, the cross sectional geometry of the
specimen, the chamfering radius at the corners od specimens with orthogonal cross sections,
the concrete quality and the mode of loading (monotonic or cyclic) were investigated. Later,
the research was extended to include the confinement effectiveness in reinforced concrete
members due to the need to retrofit existing brittle construction after the occurrence of
significant earthquakes worldwide. For this reason, most of the experimental studies in this
area focused into lightly reinforced columns with widely spaced stirrups.

Most of the confinement models published in the literature have been derived and calibrated
with data obtained from tests of 